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Abstract 

In light of the recent advances in earthquake engineering. this study reviews some 

important aspects of the earthquake resistant design for highway bridges, such as the 

design concept. phiiosophy and approaches. An ovenriew and discussion of the seismic 

design code provisions for the earthquake resistant design of highway bridges are 

presented. The site amplification effects of different soi1 conditions to earthquake input 

ground motions with different dv ratios are investigated. The calculated results are 

compared with the design spectra from codes and guidelines. The mults indicate that 

current design codes underestimate seismic design loads in most of the considered soii 

cases, particularly for those of short-pend bridges close to the source fields and for 

moderate to long-penod bridges at some distance fiom source fields. 

iii 



Acknowledgments 

The author would like to take this opportunity to express her shcere gratitude to her 

supervisor Professor D.T. Lau for his great insights into this field and invaluable guidance 

through the course of this work. 

The author wishes to thank Professor KT. Law, Professor M.S. Cheung and Dr. J.H. 

Rainer for their helpful discussions and supports. 

Special thank is due to the support of family members. 

The financial support provided by the Department of Civil and Environmental 

Engineering of Carleton University is gratefdly acknowledged. 



TABLE OF CONTENTS 

CHAITER 1 INTRODUCTION ..................................................................................... 1 

CIFAPTER 2 EARTHQUAKE RESISTANT DESIGN CONCEPT FOR HIGHWAY 

BRIDGES ........................................................................................................................... 8 

............................................................................................................ 2.1 W I R O D U ~ O N  8 

.................................................................................................. 2.2 DESIGN PHILOSOPHY 10 

................................................................................ 2.3 PRINCIPLE OF CAPACITY DESIGN 11 

....................................................................................................... 2.4 DESIGN CRlTERIA 12 

................................................................................... 2.5 Snsmc DESIGN APPROACHES 14 

2.5.1 Strength Design Approach ................................................................................. 15 

......................................................................... 2.5.2 Displacement Design Approach 17 

............................................................................................. 2.6 ~ O D S  OF ANALYSIS 18 

....................................................................... 2.6.1 Equivalent S tatic Force Analysis 18 

............................................................................. 2.6.2 Response Spectrum Analysis 19 

.................................................................... ......... 2.6.3 Time History Analysis .......... 21 



3.2.2 ATC (1981) and AASHTO (1993) .................................................................. 27 

3.3.3 OHBDC .................... .. ....................... 2 9  

3.2.4 CSA (1988) ................................................................................................... 31 

3-25 CHBDC ........................ ,.,, ....................................................................... 3 2  

...................................................................... 3.2.6 Combination of Factored Lmds 3 3  

3 .3.1 Ductility Capacity ............................................................................................... 36 

3.3.2 Methods of Analysis for Design ....................................................................... 3 7  

CEFAPTlER 4 COMPARATlVE STUDY OF DESIGN CODE PROVISIONS ......... 43 

4.5 COMPARISON OF DESIGN CODE RESPONSE SPECXRA ................................................ 47 

4.5.1 Cornparison of Response Spectra for Bedrock Ground Motions ....................... 48 

................................. 4.5.2 Cornparison of Response ~ p e c k a  for Soi1 Depth of 15 M 49 

4.5.2.1 Cornparison of Soft Soils ...................................................................... 49 

4.5.2.2 Comparison of Firm Soils ..................................................................... 52 

4.5.2.3 Cornparison of Stiff Soils ..................................................................... 5 3  

4.5.2.4 Discussions ......................................................................................... 5 4  



...... ..................... 4.5.3 Comparison of Response Spectra for Soil Depth of 25 m .. 55 

4.5.3.1 Cornparison of Soft Soils ...................................................................... 56 

4.5.3.2 Cornparison of Firm Soils ............................................................ 5 7  

4.5.3.3 Cornparison of Stiff Soils ...................................................................... 58 

4.5.3.4 Discussion ................................. ,., .................................................... 59 

................................. 4.5.4 Cornparison of Response Spectra for SoiI Depth of 45 m 59 

...................................................................... 4.5.4.1 Cornparison of Soft Soils 60 

4.5.4.2 Cornparison of Firm Soils ................................................................. 61 

4.5.4.3 Cornparison of Stiff Soils ................................................................... 62 

4.5.4.4 Discussions ...................................................................................... 6 3  

.............................................................. 4.5.5 Conclusions .................................... 6 3  

CRAPTER 5 SUMMARY AND CONCLUSIONS .................................................... 157 

vii 



LIST OF FIGURES 

FIGURE 2.1 FORCE R E D U ~ O N  FACTOR FOR SEISMIC FX)ADING EQUATING E L A S ~ C  AND 

INELASTIC RESPONSE .......................................................................................... 2 2  

FIGURE 3.1 CALTRANS 1992 DESIGN m P O N S E  SPECTRA (A). (B) ............................... 40 

FIGURE 3.2 CALTRANS 1 992 DESIGN RESPONSE SPECIRA (c). (D) ............................... 41 

FIGURE 3.3 OHBDC 199 1 DESIGN RESPONSE S P ~  ................................................... 42 

FIGURE 4.1 SEISMIC ZONING MAPS IN NBCC (1995) ........................................................ 66 

FIGURE 4.2 TIME HISTORY OF SELE- GROUND MOTION RECORDS m HIGH AIV 

RATIOS ....................................................................................................................... 67 

FIGURE 4.3 TIME HISTORY OF SELECTED GROUND MOTION RECORDS w r r ~  INTEMEDIATE 

Ahr RATIOS ............................................................................................................... 6 8  

FIGURE 4.4 HISTORY OF SE LE^ GROUND MOTION RECORDS w r r ~  LOW A/V 

RATIOS ............................................................ 69 

FIGURE 4.5 HYSTERETIC DMING RATIO VERSUS THE EFFECITE SHEAR STRAIN .......... 70 

FIGURE 4.6 SHEAR MODULUS REDUCTION F A ~ O R  VERSUS THE E F F E ~  SHEAR STFMN7 1 

FIGURE 4.7 COMPARISON OF RESPONSE S P E ~  FOR HIGH A/V EARTHQUAKES AT THE 

BEDROCK TO CODE DESIGN RESPONSE SPECIM WITH OM SOL DEPTH ................... 72 

FIGURE 4.8 COMPARISON OF RESPONSE SPECTRA FOR  TERMED DIA TE A/v EARTHQUAKES 

...... AT THE BEDROCK TO CODE DESIGN RESPONSE S P ~  WITH OM Son, D m  73 

FIGURE 4.9 COMPARISON OF RESPONSE SPECTRA FOR LX)W Ah' EARTHQUAKES AT THE 

................... BEDROCK TO CODE DESIGN RESPONSE S P ~  W~I'H OM SOL DEPTH 74 

viii 



FIGURE 4.10 COMPARISON OF R E S ~ N S E  S P ~  FOR LiNEAR MODEL OF SOFT SOIL 

WiTH 1 5 ~  DEPTHS SUBECIED MGH d V  EARTHQUAKES T O  CODE DESIGN RESPONSE 

S P ~  ..................................................................................................................... 75 

FIGURE 4.1 1 COMPARISON OF R E S ~ N S E  SPECITU FOR NONLINEAR MODEL 1 OF Som 

Son, w r ~ ~  1% D m s  SUBJEC~ED HIGH A/V EARTHQUAKES TO CODE DESIGN 

RESPONSE SPECIRA ... r . . . . . . ~ . . i i . . r i - r . . . . . . . - . o . - * . . . - -  76 

FIGURE 4.12 COMPARISON OF RESPONSE SPECIM FOR NONLINEAR MODEL 2 OF Som 

Son, WITH 1 5 ~  D m s  SUBJJXED HIGH AN EARTHQUAKES TO CODE DESIGN 

R E S ~ N S E  S P E ~  ................................................................................................... 77 

RGURE 4.13 COMPARISON OF RESPONSE S P ~  FOR L ~ E A R  MODEL OF Som SOL 

w m  1 5 ~  DEPTHS S U B ~  INTERMEDIATE A/V EARTHQUAKE~ TO CODE DESIGN 

R E S ~ N S E  S P E ~  ................................................................................................... 78 

FIGURE 4.14 COMPARISON OF RESPONSE SPECTRA FOR NoNLINEAR MODEL 1 OF SOFT 

Son, WITH 1 5 ~  DEPTHS SUBJECIED ~TEFMEDIATE A/V EARTHQUAKES TO CODE 

DESIGN RESPONSE SPECTRA ................................................................................. 7 9  

FIGURE 4.15 COMPARISON OF RESPONSE SPE- FOR NONLINEAR MODEL 2 OF SOFT 

Son, WITH 1 5 ~  D m s  S U B ~  INTERMEDIATE AN EARTHQUAKES TO CODE 

...................................................................................... DESIGN RESPONSE S P ~  80 

FIGURE 4.16 COMPARISON OF RESPONSE SPECI'RA FOR LINEAR MODEL OF Som SOL 

wr r~  1 SM DEPTHS S ~ J E C ~ E D  LOW A/V EARTHQUAKES TO CODE DESIGN RESPONSE 

..................................................................................................................... S P E ~  8 1 



FIGURE 4.17 COMPARISON OF RESPONSE SPECIIU FOR NO- MODEL 1 OF SOFT 

Son, w r r ~  1 5 ~  D m s  SUBJECTED LOW Ahr EARTHQUAKES TO CODE DESIGN 

...................................... RESPONSE SPECIM ... 82 

FIGURE 4.18 COMPAR~SON OF RESPONSE SPECIRA FOR NO- MODEL 2 OF Som 

Son. WITH 1 5 ~  D m s  SUBJECIED LOW A/V EARTHQUAKES TO CODE DESIGN 

............................................. RESPONSE SPECI-M ............................................ 8 3  

FIGURE 4.19 COMPAREON OF RESPONSE S P ~  FOR L m w t  MODEL OF FIRM SOIL 

wrrw.15~ DEPTHS SUBJECTED HIGH A/V EARTHQUAKES TO CODE DESIGN RESPONSE 

.................................................................................................................... SPECIRA 8 4  

FIGURE 4.20 COMPARISON OF RESPONSE SPECTRA FOR NONLINEAR MODEL 1 OF FIRM 

Son, rn 1 5 ~  DEPTHS SUBECTED HIGH AN EARTHQUAKES TO CODE DESIGN 

RESPONSE SPECTRA .................................. .., .............................................................. 85 

FIGURE 4.2 1 COMPARISON OF RESPONSE SPECTRA FOR NO- MODE. 2 OF FIRM 

SOL WITH 1 5 ~  D ~ s  S U B J E ~ D  HIGH AN EARTHQUAKES TO CODE DESIGN 

................................................................................................... RESPQNSE SPE-CTRA 86 

RGURE 4.22 COMPARISON OF RESPONSE SPECTRA FOR LINEAR MODEL OF FIRM SOIL 

WITH 1 5 ~  D m s  SUBJECIED INTERMEDLATE A/V EARTHQUAKES TO CODE DESIGN 

.................................................................................................. RESPONSE S P E ~  8 7  

FIGURE 4.23 COMPARISON OF RESPONSE SPECTU FOR NONLINEAR MODEL 1 OF Fnw 

Son. WITH 1 5 ~  D m s  S U B ~ D  INTERMEDIATE A/v EARTHQUAKES TO CODE 

.................................................................................... DESIGN RESPONSE S P E ~  8 8  





FIGURE 4.3 1 COMPARISON OF RESPONSE SPECIRA FOR LINEAR MODEL OF S m  SOL 

w m  1 5 ~  D m s  SUBJECIED INTERMESIATE A/V EARTHQUAKES TO CODE DESIGN 

REWONSE SPECI'RA .............................................................................................. 96 

FIGURE 4.32 COMPARISON OF RESPONSE SP- FOR NONLINEAR MODEL 1 OF STIFF 

Son, m 1 5 ~  DEFTHS S U B ~  INTERMEDIATE A/V EARTHQUAKES TO CODE 

..................................................................................... DESIGN RESPONSE SPECIIU 97 

FIGURE 4.33 COMPARISON OF RESPONSE SPECIRA FOR NONLINEAR MODEL 2 OF FIRM 

Son, WITH 1 5 ~  DEFI'HS SUBJEC~ED INTERMEDIATE A/v EARTHQUAKES TO CODE 

DESIGN RESPONSE SPECI-RA .................................................................................... 9 8  

FIGURE 4.34 COMPARISON OF RESPONSE SPECTRA FOR IZNEAR MODEL OF STIFFSOIL 

w r r ~  1 5 ~  D m s  SUBJECTED LOW AN EARTHQUAKES TO CODE DESIGN RESPONSE 

..................................................................................................................... SpECrRA 99 

FIGURE 4.35 COMPARISON OF RESPONSE S P E ~ U  FOR NONLINEAR MODEL 1 OF STIFF 

Son, w r r ~  1 5 ~  DEPTHS Sm- LOW A/V EARTHQUAKES TO CODE DESIGN 

................................................................................................. RESPONSE SPECIRA 100 

FIGURE 4.36 COMPARISON OF RESPONSE S P E ~  FOR NONLINEAR MODEL 2 OF STIFF 

Son, w m  1 5 ~  DEPTHS SUBJEC~ED LOW A/V EARTHQUAKES TO CODE DESIGN 

................................................................................................. E~ESPONSE SPECTRA 10 1 

FIGURE 4.37 COMPARISON OF RESPONSE S P E ~  FOR LINEAR MODEL OF SOFT SOL 

WITH 2 5 ~  D m s  S U B J E ~ D  HIGH A/V EARTHQUAKES TO CODE DESIGN RESPONSE 

................................................................................................................... SPEC~RA 102 

xii 



FIGURE 4.38 COMPARISON OF RESPONSE SPECI'RA FOR NONLINEAR MODEL I OF SOFT 

Son. w m  2 5 ~  D m s  SUBECIED HIGH Ah' EARTHQUAKES TO CODE DESIGN 

.................................................... RESPONSE SP- 1 03 

FIGURE 4.39 COMPARISON OF RESPONSE S P ~  FOR NONLINEAR MODEL 2 OF S o m  

Son, w r r ~  2 5 ~  D m s  S U B ~  HIGH Ah' EARTHQUAKES TO CODE DESIGN 

................................................................................................. REWONSE SPECIIW 104 

FIGURE 4.40 COMPARISON OF RESPONSE SPECI'RA FOR UNEAR MODEL OF SOFT Son 

WITH 2 5 ~  DEPTHS SUBJECED LNTERMEDIATE AN EARTHQUAKES TO CODE DESIGN 

............................................................................................... RESPONSE SPECI'RA LOS 

FIGURE 4.4 1 C O M P ~ S O N  OF RESPONSE S P E ~  FOR NONLINEAR MODEL 1 OF SOFT 

Son. m 2 5 ~  D m s  SUBJECIED -IATE A/V EARTHQUAKES TO CODE 

.................................................................................... DESIGN RESPONSE SPECI'RA 106 

FIGURE 4.42 COMPARISON OF RESPONSE SPECTRA FOR NONLINEAR MODEL 2 OF S o m  

Son. m 2 5 ~  DEPTHS S ~ T B E ~ D  ~NTERMEDIATE AN EARTHQUAKES TO CODE 

.................................................................................... DESIGN R E S ~ N S E  SPECI'RA 107 

FIGURE 4.43 COMPARISON OF RESPONSE SPECI'RA FOR LINEAFt MODEL OF SOFT SOE 

m 2 5 ~  DEPTHS SUB- LOW A/v EARTHQUAKES TO CODE DESIGN RESPONSE 

........................................................................................... SPECIRA : ....................... 108 

F'IGURE 4.44 COMPARISON OF RESPONSE S P E ~  FOR NONLINEAR MODEL 1 OF SOFT 

Son. m 2 5 ~  D m s  SUBJECTED LOW A/V EARTHQUAKES TO CODE DESIGN 

................................................................................................. RESFQNSE S P ~  109 

xiii 



FIGURE 4.45 COMPARISON OF RESPONSE SPECIRA FOR NONLINEAR MODEL 2 OF Som 

Son. w r r ~  2 5 ~  D m s  S U B ~  LX)w Ah' EARTHQUAKES TO CODE DESIGN 

RESPONSE SP- ................................................................................................. 1 iO 

FIGURE 4.46 COMPARISON OF RESPONSE SPECTRA FOR LINEAR MODEL OF F R M  SOL 

m 2 5 ~  D m s  SUBJECTED HIGH AN EARTHQUAKES TO CODE DESIGN RESPONSE 

SPECTRA .......................................... I I  1 

FIGURE 4.47 COMPARISON OF R E S ~ N S E  SPECI'RA FOR NONLINEAR MODEL 1 OF FTRM 

Son. WITH 2 5 ~  DEPTHS S U B ~  HIGH AN EARTHQUAKES TO CODE DESIGN 

RESPONSE S P E ~  ...................................... ...... ...................... 1 12 

FIGURE 4.48 COMPARISON OF R E S ~ N S E  S P E ~  FOR NONLINEAR MODEL 2 OF FIRM 

SOL WKH 2 5 ~  DEFIFIS SUB-D HIGH Ah' EARTHQUAKES 'jr0 CODE DESIGN 

RESPONSE S P E ~  ................................................................................................ 1 13 

FIGURE 4.49 COMPARISON OF RESPONSE S P E ~  FOR LINEAR MODEL OF FlRM SOL 

WITH 2 5 ~  DEPTHS SUBJECTED INTERMEDIATE A/V EARTHQUAKES TO CODE DESIGN 

................................................................................................. RESPONSE SPECI'RA 1 14 

FIGURE 4.50 COMPARISON OF RESPONSE SPECTRA FOR NON- MODEL 1 OF FIRM 

Son. w r r ~  2 5 ~  D m s  S U B ~ D  INTERMEDIATE A/v EARTHQUAUS To CODE 

DESIGN RESPONSE S P ~  .................................................................................... 1 15 

FIGURE 4.5 1 COMPARISON OF RESPONSE SPECTRA FOR NONLINEAR MODEL 2 OF FIRM 

Son. WITH 2 5 ~  DEFTHS S U B ~ D  INTERMEDIATE AN EARTHQUAKES TO CODE 

.................................................................................... DESIGN RESPONSE S P E ~  1 16 

xiv 



S P ~  ............... ... .... ... .......................................................................................... 117 

FIGURE 4.53 COMPARISON OF RESPONSE SPECTRA FOR NOhUNEAR MODEL 1 OF FIRM 

Son, wrnr25~ DEPTHS S U B ~  Ahr EARTHQUAKES TO CODE DESIGN 

................................................................................................. RESP~NSE S P ~  1 1 8 

FIGURE 4.54 COMPARISON OF RES~NSE S P ~  FOR NONLINEAR MODEL 2 OF );'IRM 

Son, wrm  SM D m s  SUBJEC~ED LOW AN EARTHQUAKES TO CODE DESIGN 

................................................................................................. R E S ~ N S E  S P E ~  1 1 9 

FIGURE 4.55 COMPARISON OF ~ P O N S E  S P E ~  FOR MODEL OF STIFF SOL 

m 2 5 ~  D m s  S U B ~  HIGH A/v EARTHQUAKES TO CODE DESIGN RESPONSE 

S P E ~  ................................................................................................................... 120 

RGURE 4.56 COMPARISON OF RESPONSE S P E ~  FOR NONLINEAR MODEL 1 OF STIFF 

Son. wrm 2 5 ~  D m s  S U B J E ~  HIGH A/V EARTHQUAKES TO CODE DESIGN 

R E S ~ N S E  SPECTRA ................................................................................................. 121 

FIGURE 4.57 COMPARISON OF RESPONSE SPECTRA FOR NO- MODEL 2 OF STIFF 

Son. WITH 2 5 ~  D m s  S U B J E ~ D  HIGH Ah' EARTHQUAKES TO CODE DESIGN 

................................................................................................. RE~PONSE SPEC~RA 122 

FIGURE 4.58 COMPARISON OF RESPONSE SPECTRA FOR LINEAR MODEL OF S m  SOL 

vmn 2 5 ~  D m s  SUBECIED ~NTERMEDIATE A/v EARTHQUAKES TO CODE DESIGN 

................................................................................................. RESPONSE S P ~  123 



xvi 



xvii 



FIGURE 4.73 COMPARISON OF RESPONSE SPECI'RA FOR LINEAR MODEL OF FIRM SOL m 

4 5 ~  DEETFIS SUBJECIED ~ G H  Ahr EARTHQUAKES TO CODE DESIGN R E S ~ N S E  

SPECTRA ...................... .. ........................................................................................... 138 

FIGURE 4.74 COMPARISON OF RESPONSE SPECTRA FOR NON~INEAR MODEL 1 OF FIRM 

S0lL WïIH 4 5 ~  DEPTHS SUBJECTED MGH Ah' EARTHQUAKES TO CODE DESIGN 

................................................................................................. RESPONSE SP- 1 39 

FIGURE 4.75 COMPARISON OF RESPONSE SPECTRA FOR N o m  MODEL 2 OF FIRM 

SOL WlTH45M D ~ ~ l n r s  S U B ~  HIGH A/v E~THQUAKES TO CODE DESIGN 

REsrn~s~ SPECIIW ................................................................................................. 140 

FIGURE 4.76 COMPAREON OF RESPONSE SPECI'RA FOR LINEAR MODEL OF FIRM SOIL 

WlTH 4 5 ~  DEPTHS SUBJECTED ~ I A T E  A/V EARTHQUAKES TO CODE DESIGN 

................................................................................................ RESPONSE S P ~  14 1 

FIGURE 4.77 COMPARISON OF RESPONSE SPECTRA FOR NONLINEAR MODEL 1 OF FDRM 

SOL WITH 4 5 ~  DEPI'Hs SUBIECTED INTERMEDIATE A.V EARTHQUAKES TO CODE 

DESIGN RESPONSE SPECTRA .................................................................................... 142 

FIGURE 4.78 COMPARISON OF RESPONSE SPECTRA FOR NONLINEAR MODEL 2 OF FIRM 

SOL w~TH 4 5 ~  DEPTHS SUBIECTED INTERMEDIATE A/V EARTHQUAKES TO CODE 

.................................................................................... DESIGN RESPONSE Sp- 143 

FIGURE 4.79 COMPARISON OF RESPONSE SPECTRA FOR LINEAR MODEL OF FIRM SOIL 

WITH 4 5 ~  DEPTHS SUBJE~ED LOW A/v EARTHQUAKES TO CODE DESIGN REWONSE 

................................................................................................................... S P E ~  144 

xviii 



xix 





CMAPTER 1 INTRODUCTION 

1.1 Introduction 

The dynarnic behaviour and performance of highway bridges under seismic loads are 

subjects of major concem to bridge engineers in seismically active areas. As many 

highway bndges are an integrai part of modern transportation networks, damages to these 

bridges during earthquakes may not oniy result in loss of Iife but cm also cause severe 

economic losses. Severe damage or collapse of important highway bridges will d so  

hamper immediate pst-disaster rescue efforts and recovexy. 

During the 197 1 San Fernando earthquake in California. more than 60 bridges on the 

Golden State Freeway collapsed or suffered severe damage to a total cost of $6.5 million. 

Aithough there have been many advances made in the area of earthquake resistant design 

of highway bridges since the 1971 San Fernando earthquake. the problem still exists 

today as evidenced by the large number of bridges darnaged during the 1989 Loma Prieta 

eaahquake, the 1994 Northndge earthquake in California (Moehle et al. 1995), and the 

1995 Kobe earthquake in Japan (Bruneau et al. 1995, Anderson et al. 1995). During these 

ment  events, structural failures were observeci in bridge columns and piers, supporting 

joints, abutments and girders. The severity of the darnage suffered by the highway bridges 

in recent eaahquakes has clearly shown that many bridge structures, especially the older - 

ones, are vulnerable to severe seismic darnage and do not have the capicity to resist 

strong ground shakings. 



In reviewing the damages to highway bridges in m e n t  earthquakes. three typical 

types of failure can be identified as follows: 

1. Loss of span due to underestimation in seismic displacements; 

2. Failure of piers and colums due to the insufficient resistance of the substructure; 

3. Failure of foundations and embankments due to the weakness of surrounding soils. 

The observed earthquake performance and damage led to increased attention and 

concem on the level of safety provided by the current bridge design codes. Extensive 

research efforts have been carried out to examine the existing seismic design philosophy 

and procedures for highway bridges, as weli as to irnprove the design methodology for 

this type of structure. The objective of many of these research activities, both 

experimental and theoretical, is to develop a unifîed design approach that will prevent 

collapse due to ground motions from the most severe earthquake, but accept the 

possibility of some damages that are reparable from a less severe earthquake event. 

In the development of the eaahquake resistant design concepts and codes for highway 

bridges, the 1971 San Fernando earthquake in southem California stands out as a major 

event. The 1971 San Femando earthquake caused substantid damage to and collapse of 

numerous highway bridges designed in accordance to the provisions of the Iatest modem 

design code in effect at that time. Results of investigations after the earthquake revealed 

the inadequacy of the design and failure in the existing practice of structural detailing. 

This led to a major review of the adequacy of the design provisions in the seismic design 

codes for bridges in North America. Cwrdinated research efforts were made to better 

understand the dynamic response and behaviour of bridges subjected to earthquake 



ground motions, and to develop new design procedures. Examples of these research 

efforts include research in New Zealand (Chapman 1979, Richards and Elms 1977). 

Japan (JSCE 1982) and the U.S. as weLl as other parts of the world (Gates 1976, 1979, 

Imbsen and PenWen 1986, hbsen  et al. 1979, Newmark 1979, Hal1 and Newmark 1979, 

Elms and Martin 1979, Sharpe and Carr 1976, Barenberg and Foutch 1987, Priestley 

1996, Housner 1979, Seed et al. 1976, Basham et al. 1985, Mitchell et al. 1986 and 199 1, 

Heideberecht and Lu 1987, Rainer and Pernica 1979). 

As a result of the research, the importance of the role of structural ductility in seismic 

behaviour and earthquake resistant design of bridges is well recognized. In the inelastic 

ductile design concept, the design strength of the structure is reduced with the expectation 

that the structure will behave in a ductile manner and has sufficient redundancy for the 

redistribution of seismic loads after initial yielding failure of the structure. The current 

practice in earthquake resistant design of highway bridges relies on the capabiiity of the 

ductile components in a bridge system, such as columns and piers, to absorb or dissipate 

the seismic energy imparted by the strong ground motions. To properly implement the 

ductile design concept, it is important to have a clear understanding and knowledge of the 

dynarnic response and behaviour of the designed bridge system. A bridge structure should 

be designed and detailed in such a way that the ductile components, such as the plastic 

hinge regions of bridge piers and columns when seismic damages are expected to occur 

during a severe earthquake, will have sufficient reserved ductility capacity to 

accommodate the expected ductility demand of the system. 



Design cnteria have also been developed to take into consideration the effcct of the 

characteristics of ground motions and the dynamic effect of the underlying soil deposit on 

the response of the bridge superstructure. Research results and findings have been 

incorporateci in the recommendations of seismic design standards and guideiines (ATC 

198 1, ASSHTO 1983, CALTRANS 1976, Japan Road Association 1980, CHBDC 1996). 

Among the design criteria considered, the effect of local soil conditions on the 

characteristics of input ground motions is a major concem in the earthquake resistant 

design of bndges, particularly for bndges located in or near areas of river sediment of soft 

soil. The failure of many highway bridges occurs because of the amplification effect of 

the underlying soil on the bedrock ground motions. Expenence and observations from 

recent major earthquakes in California and other parts of the world have shown that 

bridges built on soft clay are particularly susceptible to failure during earthquakes. For 

example, significant ground motion amplifications were observed dunng the 1985 

Mexico earthquake in areas of Mexico City of clay deposits, which caused extensive 

damage and collapse to high-rise buildings due to naturd vibration periods of structures 

that resonate with the dominant vibration penod of the amplified motions (Mitchell et al. 

1986). In the 1989 Loma Prieta earthquake, the locations of damaged bridges are strongly 

correlated with the areas of soft soils where the level of ground shakings has been 

significantly amplified (Michel1 et ai. 1991). Other bridge damages caused by the local 

soil amplification effect include the collapse of bridges during the 1994 Northndge 

earthquake. In this case, even though the bridges were built not on soft soil but on stiff or 

dense granular materials of 10 to 17 rn deep, significant amplifications to the earthquake 



ground motions stiil occurred and caused severe damage to highway bridges (Scott et al. 

i 994). 

Analytical shidies of the local soi1 effects have concluded that eathquake ground 

motions are strongly infiuenced by the type and depth of the soil deposit on top of the 

bedrock. In earthquake resistant design, the soi1 effect on ground motions is generally 

represented approximately by the concept of a soi1 factor. Except for the degree of details 

in different seisrnic design codes, this factor depends on the characteristics and depth of 

the soil deposit as well as the fkquency charactenstics of the bedrock motions. 

Significant contributions to the research on the soil effect on ground motions have been 

made by Seed et al. (1976). Heideberecht and Lu (1987). Dobry and Vucetic (1987), 

Naumoski et al. (19881, Ellimadi et al. (1990). Heideberecht et al. (1990), Krawinkler and 

Pahnama ( 1992) and Hosni and Heideberecht (1994) and others. 

In the development of the earthquake resistant design concept and methodology, 

much of the development and research have focused on the behaviour and performance of 

buildings. Although there are many similarities on the seismic design philosophy of 

buildings and bridges, because of different lateral load resisting systems in the two types 

of structures, differences on design requirements and limitations can be significant. 

Firstly, bridges are relatively light structures and thus the dynamic behaviour of bridges is 

not significantly influenced by soil-structure interaction effects (Ciampoli and Pinto 

1995) as compared to that of buildings (Fenves and Senno 1990, Wallace and Moehle 

1990). Secondly, the consequence of structural failure in a bridge can be quite different 

from that in a building structure. Because of the lack of structural redundancy in a typical 



highway bridge system, the failure of one structural member or comection between 

elements in a bridge usually has more serious consequences and may result in the coliapse 

of the stmcture. which is uniikely to be the case in a building because a high degree of 

redundancy is generdy found in building structural systems. 

In view of the differences in seismic behaviour under different earthquake ground 

motions, it is important to note that the seismic design loads specified in c m n t  bridge 

design codes used in Canada (OHBDC 1991, CHBDC 1996) are derived based on 

earthquake records in western North Amenca, particularly California, which may not be 

appropriate for the seismic design of highway bridges in other regions of Canada. In fact, 

there are many significant differences in the characteristics of the earthquake ground 

motions in eastern Canada from those on the West  Coast in terms of the frequency content. 

1.2 Objectives and Outline of the Thesis 

In light of the recent advances and new research findings in earthquake engineering, 

the intent of this thesis is to determine the level of protection and the adequacy provided 

by the seismic design provisions in current bridge design codes and standards. More 

specifically, the objectives of this thesis are as follows: 

(1) to review and compare different approaches in the earthquake resistant design of 

highway bridges in current bridge design codes; 

(2) to investigate the level of protection provided by the seismic design code 

provisions in commonly used U.S. and Canadian bridge design codes and standards; 



(3) to estimate the degree of adequacy of the representation of soi1 amplification 

effects in current bridge design codes due to different types and depths of local soil 

deposits . 

The thesis is divided into five chapters. Chapter 1 gives a bnef introduction on the 

motivation, objectives and scope of the present study. 

The seismic resistant design concept for highway bridges is discussed in Chapter 2. 

The design philosophy, approach, methods of anaiysis and design critena are discussed. 

The different requirements in the ductile design of bridges from that of buildings are dso  

discussed. 

Following the discussion of the design concept of highway bridges, a conceptual 

cornparison of the design objectives and design approaches of commonly used codes and 

standards for the earthquake resistant design of bridges is presented in Chapter 3. 

Chapter 4 presents the results obtained from a study on the soi1 amplification effects 

due to different types of soil and seismic ground motions. The results are compared with 

those specified in the existing design codes. Finally, a summary and conclusions are 

presented in Chapter 5. 



CHAPTER 2 EARTHQUAKE RESISTANT DESIGN CONCEPT FOR 

HIGHWAY BRIDGES 

2.1 Introduction 

The overall objective of earthquake resistant design of highway bndges is to design 

the bndge structure with suffîcient strength and overali stiffness as well as resented 

ductility capacity, so as to prevent fadure or excessive damage that l a d s  to the collapse 

of the bridge, in the event of an earthquake. This is rather a complex problem. In 

earthquake resistant design of bridges, there are many uncertainties in defining the 

seventy of the potential earthquake hazards. The one area that needs more detailed 

investigation is the influence of the local undedying soi1 condition on the response of the 

bridge structure. 

The seisrnic design provisions in modem bridge design codes are based on the 

concept of ductile design. In ductile design of highway bridges, bndge structures are 

expected to behave inelastically during moderate to strong earthquakes, and the damage is 

controlled through hysteretic energy dissipation. In recent years, extensive research has 

been carried out on the seismic design of bridges and buildings (Hall and Newmark 1979, 

Kousner 1979, Newmark 1979 and Housner and Jennings 1982). Concepnially. 

earthquake resistant designs for bndges and buildings are quite similar. However. because 

of the differences in responses and failure modes of bridges and buildings during 



earthquakes, the design requirements of these two types of structures c m  be quite 

different. Buildings are typically designed to have strong columns and wcak beams. For 

such a structural system with multiple redundancy, redistribution of seismic loads after 

yielding failure of structural members c m  be easily accomodated to achieve a ductile 

design. On the other hand, typical highway bridges inherently have less structural 

redundancy than buildings with a relatively small nurnber of supporting columns and 

longer spanned superstructures. For such a bridge structural system, the failure of a single 

structurai element or connection may lead to a catastrophic coliapse of the superstructure. 

This is generally not the case for a building. Typical weak links in a bridge system are the 

connections between the bridge deck and the supporthg piers or columns and abutments. 

As columns and piers are the main lateral load-resisting elements in a bridge stmcture, 

plastic hinges are expected to develop in columns and piers during earthquakes. 

Consequently in earthquake resistant design of bridges, pdcular  emphasis is required on 

the inelastic ductile design of bridge columns and piers together with the need to ensure 

that adequate displacements or seat widths are provided at supporting joints to 

accommodate the large plastic displacement of columns and piers. The strength and 

ductility of columns and piers require special attention in the earthquake rsistant design 

of bridges (Hall and Newmark 1979). 

This chapter discusses the ba is  of the design code provisions for the earthquake 

resistant design of bridges. The design philosophy, prhciple of capacity design, design 

cnteria, seismic design approaches and methods of analysis are discussed. 



2.2 Design Philosophy 

The objective of earthquake resistant design of highway bridges is to control damage 

in critical stmctural components to prevent the total collapse of the structure in case of a 

severe earthquakes, while allowing the possibility of some damage during moderate 

ground shakings. With regard to earthquake response, the seismic design objectives for 

highway bridges can be summarked as foilows: 

1) The designed bridge structurai systems should be able to resist small to 

moderate earthquakes within the elastic range of behaviour. 

2) The seismic loads from large earthquakes should not lead to collapse of all or 

part of the bndge systems. 

The fmt design objective considers the case of earthquakes with high probability of 

occurrence, which may occur severai times during the lifetime of the bridge with a 

relatively small-to-moderate intensity. The resistance to smail-to-moderate earthquakes 

within the elastic range implies that the structural responses do not exceed the response 

level that corresponds to the yielding level of the system. In the design process, the 

strengthcontrol aspect is contained in the specification of the minimum equivalent static 

lateral seismic force as determined from an elastic analysis. 

The second design objective considers the case of severe earthquakes with a low 

probability of occurrence but with strong intensity. The resistance to large earihquakes 

without collapse implies that the bndge structure mut have sufficient ductility to a i b v  

extensive energy absorption without reaching a collapse state. By considering the post- 

yielding behaviour in the bridge structure, the ductility-control aspect is contained in the 



specification of a force reduction factor in conjunction with the specification of a 

minimum support length to accommodate the large displacernent expected in such a 

ductile system. 

2.3 Principle of Capacity Design 

One form of implementation of ductile design of highway bridges is the concept of 

capacity design, which was first developed in New Zealand (Gates 1979). The basic 

concept of capacity design is that the structural members and components, including 

@ers and columns, are designed such that inelastic hinges are permitted to form only in 

columns and piers. Satisfactory performance of the bridge is ensured by detailing the 

columns or pien so that they can sustain the large plastic deformations imposed on hem 

without significant degrading of the strength and stiffness. 

In capacity design, the response of a bridge depends on the capacity of the support 

columns to displace inelastically under the design earthquake motions. The columns 

should be designed to withstand multiple cycles of excursion into the inelastic range of 

behaviour without excessive strength and stiffness degradation beyond those 

corresponding to the elastic response level. In order to ensure this level of performance, 

the relationship between the flexural strength and the plastic hinge rotation in the column 

is required. By using this relationship and having an estimation of the expected level of 

ductility demand of the bridge structure, the flexurai strength of the bridge column plastic 

hinge, which is compatible with the expected ductility level. can be obtained. Then in the 

design of a column member, a force reduction factor can be used to obtain the design 

strength of the member from the eiastic strength. 



2.4 Design Criteria 

Earthquake resistant design criteria are, in generai, means of specifyrng the desired 

earthquake resistant capability of the structures. The purpose of the design criteria is to 

provide a level of earthquake resistance that is appropriate to the desired performance of 

the bridge. Earthquake resistant design criteria for highway bridges are developed baseci 

on considerations of the potential earthquake hazank. the effects of the underlying soi1 at 

a site, the dynamic response of the bridge including the vibrational characteristics of the 

bridge structure and the ductility capacity of the bridge structural system. 

Seisrnic hazards are usuaiiy represented in design codes by means of a seismic zoning 

map. The seismic hazard at a site is determined with considerations of the seisrnologicai 

conditions of the site, which include the locations of nearby active faults, the local 

geological conditions and data or historical records of past earthquakes that occurred in 

nearby regions. The seismic zoning map is usuaily developed with a nsk level considered 

acceptable in engineering design practices, typically 10% of excedence in 50 years for 

buildings and bridges (Basham et al. 1985), and lower for more important structures. 

Parameters of horizontal acceleration or velocity are often used to characterize the 

intensity of the ground motions. Recent reseafch on seismic hazard in Canada has shown 

that the ratio of the horizontal acceleration to velocity is a useful parameter to 

characterize the frequency contents of earthquake ground motions (Heideberecht and Lu 

1987, Naumoski et al. 1988). Therefore, the a h  ratio is considered an important 

parameter in the seismic design of structures. 



From observations in many earthquakes. it bas been found that the site response can 

be greatly influenced by local geology and soi1 conditions. In seismic design provisions, 

the intensity of the surface ground motion is modifieci by the use of a soil coefficient to 

take into account the effcct of underlying soil deposits over the bedrock motion. Surface 

motions may be estimateci from bedrock motions by using the time history or response 

spectrum analysis for the site. The soil effects can then be determined by comparing the 

intensity of surface ground shakings to that of the bedrock motions. Wide variations in 

the properties and characteristics of soi1 conditions are often classified into 3 or 4 

categories. The amplification effect of the soil deposit is usuaiiy represented by m w s  of 

the ratio of the pseudo-acceleration response of the soil medium at the ground surface 

level to that at the bedrock. A site coefficient can be determineci based on the statistical 

study of site responses to selected appropnate design earthquakes with suitable variations 

in the overall intensity. frequency content and duration of strong ground motions. These 

should be compatible with the seismic hazard of the site and reflect the level of 

uncertainties in typical earthquake ground motions. 

The structural properties of a bridge, which have significant influences on the 

dynamic response of the system, are the structural mass and its distribution in the system, 

the natural vibration period, the darnping ratio, as weil as the ductility capacity of the 

structural system and its components. In bridge design codes. bridges are commonly 

categorized into a few types according to the number of spans and the complexity of the 

configuration of the superstructure. For design, bridges are divided into single span 

bridges or multi-span bridges. Multi-span bridges are hirther categorized into regular 



bridges or irregular bridges. Regular bridges are those with no abrupt or unusual changes 

in the mass distribution, stiffness or geometry dong its span and no large ciifferences in 

these parameters from span-to-span or support-to-support. Any bridge that does not meet 

the definition of a regular bridge is considered an irregular bridge. For different types of 

bridges, different methods of analysis are often specified in the codes to be utifized to 

determine the seismic response of the bridge stnichiral components. A force reduction 

factor is used to reduce the linear elastic response spectra for the design of inelastic 

ductile elements and components. The reduction in the design force level is appiied due 

to considerations of the structural redundancy and ductility capacity of designed members 

or components. 

2.5 Seismic Design Approaches 

Two alternative design approaches are cornmonly adopted in the earthquake resistmt 

design of highway bridges: the strength design approach and displacement design 

approach. The strength design approach is the traditional approach adopted in many 

existing codes. In this approach, the seismic design forces are detennined in relation to 

acceleration response spectra, and then the adequacy of the displacement capacity of the 

structural system is checked. On the other hand, the displacernent design approach is a 

relatively new approach, which recognizes that seismic damage in a structural system is a 

direct result of the large displacement experienced by the structure during an earthquake. 

Thus in this approach, the expected displacement of the system is used as the starting 

point for the design. 



2.5.1 Strength Design Approach 

In the strength design approach, two major steps are involved to predict the stresses 

and displacements of the components of a bridge structure. The fmt step is to detennine 

the seismic load, and the second is to determine the effect of this load on the structure. 

In seismic strength design, the seismic design load is deterrnined h m  a design 

spectrum. The design spectnim specifies the level of the seismic design force as  a 

function of the natural vibration period and damping of a bridge structure. 

The effect of the seismic design load is evaluated from an elastic response analysis of 

the structure by using an appropriate analysis method, such as, the equivalent lateral static 

force method, the response spectnun analysis method or the time-history analysis method. 

Structural member forces can be determineci by using the elastic response analysis, in 

which equivalent static lateral forces are obtained from the maximum credible earthquake 

of a site. However, it is uneconornical for a bridge structure to resist the effect of seismic 

load from a severe earthquake entirely in the elastic range because of the low probability 

of occurrence of such an event. A reduction in the design member forces is thus applied 

to account for the p s t  yielding behaviour of the structure. The reduction factor varies 

with different structurai components, such as pien, column b a t s  and abutment walls, 

based on the expected ductility capacity of the cornponents and on the expenence and the 

performance of different types of structural components in severe earthquakes. It is 

assumed that plastic hinges will develop in piers when the seismic forces exceed the 

seismic design forces. 



The "force design" approach is adopted in a number of c m n t  bridge design codes, 

including the bridge design recommendations and guidelines published by the California 

Department of Transportation (CALTRANS 1977), ATC (198 1) and AASHTO (1 982). 

which are the most commonly used bridge seismic design codes in the U.S. 

In typical seismic code provisions. a force modification factor is employed to ensure 

that energy dissipation occurs with the formation of plastic hinges in ductile coIumns. 

The relationship between the force reduction factor R and the displacement ductility 

factor p in the strength approach of the seismic design can be illustrated by a simple 

elasto-plastic system as shown in Figure 2.1. The force reduction factor, R = Fmax / Fy, 

depends on the properties and characteristics of the structural system. It can be expressed 

in terms of the displacement ductility factor, p = Amax I Ay. Assuming the inelastic 

system attains qua1 maximum displacernent as the elastic system, as shown in Figure 2.1 

(a), the factor R can be expressed as follows: 

R=p=Fmax / Fy (2.1) 

For another case in which the potential energy of the inelastic systern at maximum 

displacement is equal to that of the elastic system as shown in Figure 2.1 @), the factor R 

cm be determined as foliows: 

~=&7  (2.2) 

Recent research results by Penzien (1995) have shown that the relationship between 

the force reduction factor and the global ductility demand depends on the vibration period 

T of the single-degree-of-freedom system. For T greater than 0.5 S. it is found that the 

global ductility demand p is equal to the force reduction factor R. 



2.5.2 Displacement Design Approach 

The displacement design approach is based on considerations of displacement 

ductility demand rather than force requirements. In this approach, the design procedure 

attempts to provide the appropriate member detailing, such as member size and 

reinforcement content. to achieve a specified displacement at an assumed location 

(normally at the center of the seismic force). The difference between the displacement 

design approach and the strength design approach is that, in the displacement design 

approach. the equivalent displacement cannot be converted backward to establish a 

relationship between the design force level and displacement ductility factor. 

Three steps are involved in the displacement design procedure. The first step involves 

an estimate of the initial structural yield displacement and determination of the limit of 

acceptable inelastic displacement. Care should be given to ensure that the inelastic 

displacement due to plastic hinge rotation is not overestimated because the plastic hinge 

rotation is limited by its member strength. The second step involves an estimate of the 

structural damping property at the level of the expecterl ductility and the location of the 

plastic hinge by using an appropnate relationship between ductility and damping. With an 

estimated design displace~?i~d. the third step consists of establishing a relationship 

between the design displacement and the maximum cwature  or compression strain 

imposed on the member cross-section. And then, the member dimensions and 

reinforcement content can be detennined according to the calculated required member 

strength. Details of the displacement-based design approach can be found in publications 

by Qi and Moehle (1991). Moehle (1992) and Wallace (1996). 



2.6 Methods of Analysis 

Depending on the type of bridge structure and the complexity of the structural 

configuration, different methods and levels of approximation and accuracy can be 

employed to determine seismic forces in bridge structures. In current design practice of 

bridges, acceptable methods of analysis are: 

1. Equivalent static force analysis; 

2. Response spectnim analysis; 

3. Time-history analysis. 

The method of analysis for determinin g earthquake load effects is based on the 

desired level of accuracy in the calculation of the expected bndge performance. Minimum 

requirements may be specified in the design codes according to the complexity of the 

bndge structures to achieve a pre-defined acceptable Ievel of accuracy in the estimation of 

seisrnic forces. 

2.6.1 Equivalent Static Force Analysis 

The equivalent lateral static force method is a simplified method of analysis for 

determining the seismic behaviour of bridges with satisfactory accuracy for the design of 

relatively simple bridges. In this approach, the seismic load effect is approximately 

represented by equivalent lateral static forces distributed over the structural system. 

Specifically, in the uniform load method. the seismic load effect is approximately 

represented by an equivalent uniform load applied on the bridge superstructure. This 

method is comrnonly used in the codes to obtain the effect of seismic design loads for 

regular bridges. The accuracy of the uniform method has been examined by h b s e n  et al. 



(1979) with the conclusion that this method can yield accurate results for structures of 

straight, non-skewed atignrnent with baianceci span and qua i  column stiffness. It is found 

that the relative contribution of the coIumns to the transverse stiffness of the entire 

structure has an infiuence on the accuracy of the results. 

Another f o m  of equivalent static force auaiysis method is called the pushover 

analysis. This method is actudy an event scaiing analysis that can determine the 

sequence of inelastic actions. In pushover analysis, an event is defined as a change in the 

member stiffness of the structure due to cracking, development of a plastic hinge. 

yielding of a soil spring in the analysis mode1 of the soil foundation. or other occurrence 

that leads to sigaificant changes in the stiffness property of the structure. The failure 

mode of the bridge is determined by a stepby-step force-deformation analysis procedure. 

At each event, the properties of the structural system is modified to reflect the occurrence 

of the event in  the f om of an updated member stiffness or the introduction of a hinge 

mechanism. By using a stepwise linear elastic analysis procedure. the pushover analysis 

can determine the ultimate deformation capacities of the bent or the frame of a bridge 

system. The inelastic deformation demands at assumed plastic hinge locations can be 

determined. Details of the analyticai procedure can be found in Priestley (1996). 

2.6.2 Response Spectrum Analysis 

The response spectmm analysis procedure generally provides reliable results for 

seismic design of highway bndges. Two analysis methods are used in current design 

practices depending on the structural type of the bndges and the level of requirement to 

resist earthquake load. These are: 



1. Single mode spectral analysis; 

2. Multi-mode spectral anal ysis. 

The single mode spectral analysis method is used to calculate the seismic design 

forces for bridges whose responses are dominated by the fundamental mode of vibrations. 

The deformation mode shape is determined by applying a uniform horizontal Load to the 

structure in the direction of the ground motion component being considered. The 

horizontal seismic design forces are determined according to the fundamental vibration 

mode of fhe bridge, which is affecteci by the distribution of mass and stiffhess ovet the 

length of the bridge. The method can be applied to many types of bridges with both 

continuous and noncontinuous superstmctures. 

The multi-mode spectral analysis method can be considered as a simplifiecl special 

case of modal analysis, in which the period and mode shape of each mode and the 

corresponding maximum response are determineci in reference to a response spectmm. In 

this method, the bndge structural system is modelled by an appropriate mathematical 

model. The maximum response of each vibration mode is then obtained in a linear 

dynamic analysis of the bndge model. Since the maximum response of the individual 

modes do not necessarily occur at the same time, the maximum value of a force or 

displacement can be estimated by an appropriate combination rule, such as the Square 

Root of the Sum of Squares (SRSS) or Complete Quadratic Combinations (CQC) 

methods (Wilson et al. 198 1). 



2.63 Time History Analysis 

In time history response analysis, the equations of motion of a bridge system are 

solved by direct integration in a stepby-step procedure. This analysis method can be 

applied to both linear and nonlinear analysis of bridge structurai systems. In thîs direct 

time step integration method, the tirne history of seismic input is divided into short 

intervals that may be taken as  equal. The response of the nonlinear system is calculated 

for each tirne step increment by assuming that the system behaves as a linear system 

having the properties at the beginning of the time step interval. At the end of each time 

step. the properties of the system are modified or updated to conform to the current 

deformation and stress States of the system at that the. 

For nonlinear tirne-history analysis of a bridge system, reliable results cm be obtained 

only if the bridge mode1 used in the analysis can accurately represent the bridge's 

vibration behaviour at large amplitudes of motion. And the statisticd results are 

examined when the model responds to several ground motions. For a complex bridge, the 

nonlinear time-history analysis procedure can produce realistic predictions of the 

behaviour of the bridge structural system during severe earthquakes. But full nonlinear 

modelling of a large complex bridge system is costly and may lead to enomous results if 

incorrect parameters are used in the analysis. It is therefore recommended that nonlinear 

inelastic mode1 should be introduced slowly, starting with a fiil linear elastic model to 

maintain confidence in the validity of the results obtained. 



Fmax R =  - 
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Figure 2.1 Force Reduction Factor for Seismic Loading Equating Elastic and Inelastic 

Response 



CHAPTER 3 CURRENT BRIDGE SEISMIC DESIGN CODES 

3.1 Introduction 

There are a number of highway bridge seismic design codes and guidelines commonly 

used in North America, such as the AASHTO (1993), ATC (198 1). OHBDC (1991), CSA 

(1988) and CHBDC (1996). Bridge seismic design codes undergo continual revisions in 

an attempt to reflect the latest advances and new technologies in bridge and earthquake 

engineering. Some part of the code development is also based on observations and 

lessons Iearned from the performance of highway bridges during p s t  strong earthquakes. 

The development of seismic bridge design codes in North Amenca can be divided 

into two periods, prior to the 1971 San Fernando earthquake and after. The seismic design 

code published by the American Association of State Highway Officiais (AASHO 1965) 

was a typical bridge design code used pnor to the 1971 San Fernando earthquake. In that 

design code, the seismic design load was defüied as an equivalent lateral static force 

applied at the center of gravity of the structure. The equivalent lateral static load is taken 

as 2% to 6% of the dead weight of the structure depending upon the allowable foundation 

loads and the foundation type. The 1965 AASHO code did not address any influences 

from the geological conditions of the site, dynamic response charactenstics and the 

expected ductile behaviour of bridges. Immediately following the San Fernando 

earthquake, the California Department of Transportation (CALTRANS 1977) initiated 

investigations and research efforts to improve the seismic design methodology 



for highway bridges (Gate 1976, CALTRANS 1977). As a results of the concerteci studies 

and research, significant improvements to the earthquake resistant design of highway 

bridges were achieved. Many of the research findings were incorporated into the seismic 

design codes and standards by the Applied Technology Council (ATC 1981) and the 

Amencan Association of S tate Kighway and Transportation O fficials (AASHTO 1 983). 

The development of seismic bndge design codes in Canada began in 1979. with the 

fmt edition of the Ontario Highway Bridge Design Code published by the Ontario 

Ministry of Transportation and Communications (OHBDC 1979). An overview of the 

development of seismic design provisions in OHBDC is presented in the next section of 

this chapter. Anotiïer highway bndge design standard is issued by the Canadian Standards 

Association (CSA 1988), in which seismic design procedures were adopted from the 

1985 National Building Code of Canada (NBCC 1985). Many of the seismic design 

provisions in the 1985 NBCC were specifically developed for buildings and may not be 

appropriate to apply to the design of bridges. Presently, a new design standard for 

highway bridges is proposed as the Canadian Highway Bridge Design Code (CHBDC 

1996). In general, many aspects of the CHBDC (1996) are similar to the 

recommendations in AASHTO (1993) and ATC (198 1). 

In earthquake resistant design, the response spectmm method is often selected as the 

rnethod of analysis to determine the seismic design load for the structure and the 

components. This is because design spectra can be easily constructed to quanti@ the 

earthquake hazard as opposed to other methods of analysis. Design spectra provide a 

quantitative description for both the intensity and the fiequency content of the design 



earthquakes. The design spectra are obtained from the ground motion parameters 

multiplies by suitable spectral amplification factors that contain the soi1 amplification 

effects. The seismic design load is generally determineci from the design spectrum as a 

product of a nsponse coefficient and the bridge's structural weight. The response 

coefficient is commonly obtained from the design spectra depending on the fundamental 

period of the bridge structure. 

In the following sections, a bnef overview of current seismic bridge design 

provisions, including the CALTRANS (1990) which plays an important role in the 

development of seismic bridge design codes, is presented. The approaches adopted in 

different codes to determine the seismic design load for highway bridges are surnmarized. 

The conceptual comparison and discussions of current seismic design codes are also 

presented. 

3.2 Current Seismic Bridge Design Provisions 

3.2.1 CALTRANS 

Mer the 1971 San Fernando earthquake, CALTRANS initiated extensive studies to 

examine the inadequacy of seismic design provisions for bridges at the time. As a result 

of those research efforts, the seismic design specifications for highway bridges by the 

California Department of Transportation (CALTRANS) were revised with major 

improvement on the seismic design methodology for bridges. The earthquake design 

cnteria in CALTRANS include the foilowing consideratioas: 



1. The location of the bndge relative to active faults; 

2. The effect of a maximum credible earthquake from an active fault; 

3. The effect of overlying soiis at a site; 

4. The dynamic responses of the bndge to the ground motion; 

5. The reduction in force level for ductüity and risk consideration. 

In the latest CALTRANS recommendations (CALTRANS 1990), the elastic 

earthquake design load, Q, is determined as follows: 

Q = ARSW (3.1) 

where A is the maximum expected acceleration at bedrock or "rock-like" rnaterial for the 

site, R is the normalized 5% damped elastic acceleration response spectrum on "rock" 

like material for the site, S is the soi1 amplification spectral ratio. and W is the dead load 

of the bridge or bridge component. For individual structural components, the design 

member force is obtained by dividing the elastic earthquake force Q by a reduction factor 

Z. The factor Z varies dependlng on the type of structural components. For ductile 

components, such as bridge columns and piers, the reduction factor varies h m  2 to 8 and 

for non-ductile components, such as connections, it varies from 0.8 to 1.0. This design 

procedure is a "force design" approach. 

ARS curves are given by a combined 5% damped elastic response spectra as function 

of the ground acceleration, soi1 depth and natural period of a bridge structure, as shown in 



Figures 3.1 to 3.2. For a specific bridge at a site, the response coefficient C can be 

obtained directly fiom the design spectra. 

3.2.2 ATC (1981) and AASHTO (1993) 

In 1981, the development of "Seismic Design Guidelines for Highway Bridges" by 

ATC represented a major improvement for the earthquake resistance design practice of 

highway bridges. The improvements were rnainly the results of analytical and 

experimental research on the seismic response and behaviour of bridges foilowing the 

1971 San Fernando earthquake (Imbsen and Penzien 1986). Later the recommendations 

on the earthquake resistant design of highway bridges by ATC (1981) were adopted by 

AASHTO to became the AASHTO's standard specifications for seismic design. 

Consequently, the AASHTO and ATC guidelines are identical in their seisrnic design 

provisions, which were based on modifications to the CALTRANS approach. 

The design seismic load in ATC and AASHTO is obtained as the product of the 

elastic seismic response coefficient Csn and the equivalent weight of the superstructure. 

The value of &, for the n" vibration mode is given as follows: 

1*2AS c 2.5A C', = - 
Ki 

where A is the acceleration ratio, S is the site coefficient, and Tn is the vibration period of 

the nh mode. The site coefficient was denved based on a statistical response spectra 

analysis of 104 earthquake records in the western United States by Seed et al. (1976). 
6 

Several factors were taken into account in determining the design loads. These are briefly 

discussed next. 



Irnwrtance Category: The importance categories defined in the AASHTO (1993) and 

ATC (1981) are essentid and other bridges, which takes into consideration the impact of 

the potential loss of the bridge. Bridges classified as essential bridges should maintain 

their function after a design earthquake. 

Seismic Performance Caterrory: Four seismic performance categories are specified in 

AASHTO and ATC, based on the acceleration coefficient and the bridge importance 

classification. The purpose of classifying seismic performance categories is to speciw the 

minimum analysis and design requirements for the determination of design forces. 

Site Coefficient : The site coefficient S is used to account for the effects of site conditions 

on the bridge response. Generally the wide range of possible vibration in local soil 

deposits is difficult to quanti@. In the AASHTO and ATC guidelines, the soil conditions 

are classified into three categories, with a site coefficient assigned to each category. The 

value of the site coefficient depends on the soil profile. It ranges from 1.0 to 1.5 for 

rocklike materials to soft and medium-stiff clay S. 

On the seismic performance category, two different minimum analysis procedures are 

specified for the types of bridges classified as "regular" and "irregular" bridges. The 

minimum analysis procedure required is based on the following two elastic response 

analysis methods: 

1. Single-mode spectral method; 

2. Multimode spectral method. 



33.3 OHBDC 

The fmt edition of OHBDC was published in 1979. and foilowed the 1965 AASHO 

approach with a modification on the response coefficient C, as shown in Figure 3.3, in 

order to permit the use of the regionai seismicity data of Ontario with comparable level of 

safety in areas of Canada and the U.S. with similar seismic nsks. 

The equivalent static lateral load is calculated by the foliowing equation: 

Q=CIFW (3.3) 

where C is the response coefficient which depends on the seismicity of the site as 

represented by a number of parameters iocluding normalized elastic response spectrum, 

the maximum expected zonai acceleration ratio A, and the soil amplification effects; 1 is 

the importance coefficient which is equal to 1.3 for all bridges designed for post disaster 

service and 1.0 for al1 other bridges; F is the framing coefficient which is equal to 1.0 for 

structures where single column or pier resists the horizontal loads, and equal to 0.8 for 

continuous frames; W is the weight of the bridge structure. 

in OHBDC, the design spectra are developed for four categories of alluvium soil 

depths (O - 3 m. 3 - 25 m, 25 - 45 m, and greater than 45 m). The maximum expected 

zonal acceleration ratio varies from 0.02 to 0.12g. As mentioned above, the effect of 

structural ductility and structural damping are considered in the response coefficient 

curves of C. 

In the second edition of OHBDC (1983), the same seismic design provisions remain 

essen tially unchangeci. 



The current edition of OHBDC (1991) makes reference to the new Canadian seismic 

zoning maps developed by Basham et al. (1985). The new seisrnic zoning maps are 

developed on the basis of two ground motion parameters that characterize the intensity of 

ground motion, peak horizontal acceleration a and peak horizontal velocity v. The 

acceleration and velocity maps provide independent ground motion reference levels to 

better refiect the seismic nsk with a probability of excedence of 10% in 50 years. 

Compared to the 1970 zoning map in NBCC, the new maps have seven seisrnic zones 

instead of four zones. The major changes of the seismic load provisions in the 1991 

OHBDC are: 

1. The response coefficient C is calculated by using the velocity-related zonai ratio v 

instead of the maximum expected zonai acceleration a. The shapes of design spectra 

remain the same as in the previous edition but are n o d z e d  to the velocity ratio v. The 

zond velocity ratio varies from 0.1 to 0.3 d s  in the 199 1 OHBDC. 

2. The minimum support length N was equal to six times the computed elastic 

displacement in the previous edition, and currently is determined by the following 

equation: 

N = 0.2 + 0.00 17L + 0.0067H (3 04) 

where L is the length of the bridge deck to the adjacent expansion joint, and H is the 

average height of columns or piers. 



The provisions in the 1988 CSA standard for the seismic design of bridges are 

basicaily adopted from the seismic design provisions of the 1985 NBCC. The equivalent 

static load Q is detexmineci by Equation 3.5, which is based on the 1985 NBCC static base 

shear formula that assumes that the vibration period of the design bridge structure is less 

than 0.25 seconds. 

where vo is the velocity-related coefficient calculated as the product of c, multiplied by v; 

cr is the velocity response coefficient equd to 0.62 for Za greater than Zv, and 0.44 for Za 

equal to Zv, and 0.3 1 for Za less than Zv; v is the zona1 velocity ratio; and Za and Zv are 

the acceleration-related and velocity-related seismic zones; K is the framing coefficient 

which equals 1.0 for structures with single colurnn bents, piers or abutments to resist the 

horizontal loads, and 0.8 for continuous frames; 1 is the importance coeffxient which 

equals 1.3 for al i  bridges representing an important element in the highway network and 

1.0 for al1 other bridges; F is the foundation factor, which equals 1.0 for rockWce material 

of soil type 1, 1.3 for fm and stiff soil of type II, and 1.5 for soft soil of type m, finally, 

W is the weight of the bridge structure. 

For important bridges or bridges with complex structural configurations and for 

bndges located in seismic zone Zv = 4 (v = 0.2 m/s) or higher, dynamic analysis is 

required as specified in AASHTO (1983) and ATC (198 1). Other detailed requirements 

on resiraint of the horizontal and vertical response motions are also specified. 



CHBDC 

On the earthquake resistant design part, the proposed new 1996 CHBDC (1996) is 

neariy identical to AASHTO (1993) and ATC (1981). The seismic design loads in 

CHBDC (1996) are given as the product of the elastic seismic response coefficient C, 

and the equivaient weight of the superstructure. The value of C, for the n" vibration 

mode is the same as that in the AASHTO (1993) and ATC (1981). as given in Eq. 3.2. 

The factors considered in detennining the design loads in CHBDC are very similar to 

those in AASHTO (1993) and ATC (198 1). However, there are some differences. as 

follows: 

Im~ortance Cate~ories: The importance categories are classifieci as "criticai". bLessential" 

and "other bndges". In CHBDC (1996), the additional classification of "critical" bndges 

is defmed as bridges that must satisfy the performance requirernent of emergency 

purposes irnmediately after a large earthquake. For cntical bndges, a 1000-year retum 

period event is considered for the design earthquake in CHBDC. 

Seismic Performance Zones: Four seismic performance zones are specified. based on the 

zona1 acceleration ratio. The seismic performance zones use acceleration-related seismic 

zones of the NBCC uniike other existing seismic bridge design codes (OHBDC 1991, 

CSA 1988) which primarily use velocity-related seismic zones in their requirements. The 

reason for this change is that the seismic performance parameters must be compatible 

with the requirements in the AASHTO code so that the different requirements on method 

of analysis and minimum support length in AASHTO can be adopteci. 



Site Coefficient: The site coefficient S is assigned according to four different types of soil 

conditions. In the fvst three cases of S equal to 1.0 to 1.5 for soil type 1 to III, the 

provisions in CHBDC are similar to those in AASHTO and ATC, which are based 

primarily on statistical anaiysis on site e f fm by Seed et al. (1976). The CHBDC 

additionally adds a soil coefficient category q u a i  to 2.0 for soil type IV of very soft clay 

or silt with depths great than 12 m. This is the result of the experience from the 1985 

Mexico earthquake during which large amplifications to the earthquake motion were 

observed in clay deposits. 

Based on the importance category and seismic performance zone of a bridge. the 

minimum analysis requirement is specified with five different types of analysis 

procedures in CHBDC. These are listed as foilows: 

1. Unifonn load method; 

2. Single mode spectral method; 

3. Multi-mode spectral rnethod; 

4. Tirne-history method; 

5. S tatic push-over method (Inelastic static method). 

The different seismic design approaches of various design codes and guidelines are 

summarized in Table 3.1. 

3.2.6 Combination of Factored Loads 

The factored load combinations are required by codes to determine seismic design 

forces for structural members and connections. The purpose of using load factors is to 

take into account the uncertainty in determinhg the magnitude of the Ioads and their 



variability, the uncertainty in the calculation of the load effects and the consequences of 

failure. In common analysis procedures, seismic forces are modifieci by the force 

reduction factor and then combined independently with forces from other loads. The load 

factors can be applied to the load effects for each member. 

The load factors and load combination factors in different codes can be different 

depending on the calkation procedures adopted in the codes. For ultimate limit state 

design, the load combination involving earthquake load and the load factors of different 

codes are briefly describecl in this section. 

In AASHTO and ATC. the factored load combination including earthquake is given 

as follows 

Grouphad= l .O@+B +SF+E+EQ) (3-6) 

where D is the dead load; B is the load effect due to buoyancy, SF is Stream flow 

pressure, E is the load due to earth pressure and EQ is the earthquake load. 

In CALTRANS , the group load combination involving earthquake is similar to 

Equation 3.6 with the additional load effect of prestressing as follows 

Grouphad= 1.0@ +B + SF+a&+PS +EQ) (3.7) 

where ae is the load factor for loads due to earth pressure, which may Vary from 0.5 to 

1 .S. PS is the load due to the prestressing effect. 

In OHBDC, the group load combination is given in the form 

Group Load = aDD + a& + a p P S  + 0.7W + 1.3EQ (3.8) 

where a~ and ap are load factors for dead loads and prestressing effects. The variation of 

the load factor a~ can range from 0.65 to 1.5 depending on different dead load types, and 



0.5 to 1.25 for a~ dependhg on the charactenstics of the earth pressure load. and 0.95 to 

1.05 for ap. W is the wind load. 

In CSA, the load factors and load combination including earthquake are given as 

follows 

Group Load = a a  + ahDs + a& + aBB + asS + 1.3F + 1.3C + 1.3EQ + 1.3A (3.9) 

when a*, a~ and as are load factors respectively for dead loads due to wearing surface 

@s), hydrostatic pressure including buoyancy (B). and effects of shrinkage, creep, 

differential settlement, and bearing friction (S). The variation ranges of the a factors are, 

0.9 to 1.2 for a ~ ,  O to 1.6 for ab, 0.8 to 1.3  fora^, O to 1.2 for UB, and 0.8 to 1.2 for Q. F 

is the load due to strearn flow and ice pressure. C is the collision load and A is the snow 

load. 

In CHBDC, the load factors and load combination are given as 

Group Load = 1 .OD + 1 .OEQ (3.10) 

As it cm be obsemed in Equations 3.6 to 3.10, the load factor for earthquake load is 

1 .O in the design specifications of AASHTO, ATC, CALTRANS and CHBDC, and 1.3 in 

OHBDC and CSA. These load factors for the earthquake effect are used in the response 

spectra study of the different codes presented in the next chapter. 

3.3 Discussions 

This section presents a general discussion of some important aspects of the various 

seismic design codes for highway bridges. A cornparison of the concept of the design 

approach and methodology used in these different codes are also presented. 



33.1 Ductility Capacity 

The ductile design concept is the most significant design aspect that affects the 

ability of bndge structures to withstand strong earthquakes. The ductile design concept 

permits the reduction of the structural design strength in accordance to the expected 

ductility capacity and redundanky of the bridge structure. The seismic response and 

performance of a bridge structure is greatiy controlled by its ductile behaviour and 

hysteretic energy dissipation through plastic deformations. The concept of ductile design 

is adopted by most of the current seismic design codes and guidelines in dinerent f o m .  

Using a response reduction factor R in the AASHTO, ATC and CALTRANS design 

guidelines, structural components that permit inelastic hinges to f o m  without significant 

degradation in their stiffness and load carrying capacity are designed with the reduced 

design strength modified by the reduction factor R. The members and connections must 

be deiailed to ensure that the ductile capacity of the bndge structural system cm be 

achieved. On the other hand, in the OHBDC and CSA standards, the effect of ductility is 

assumed to be implicitly included in the design spectra. 

For structures with limited redundancy for redistribution of loads after initial yielding, 

such as bridges, the concept of capacity design forms the particular important bais  for 

the earthquake resistant design of this type of structures. In capacity design, bndge 

stnictures are detailed to ensure that inelastic defomations occur only in properly 

designed and detailed ductile components, such as columns and piers, and nonductile 

components, such as  joints and connections, are designed with suficient strength to 

remain elastic during the dynamic response to avoid any damage or failure. In the design 

. 



codes of AASHTO, ATC and CALTRANS, columns and pien are designed with 

. strengths lower than the expected forces obtained from an elastic analysis, so that plastic 

hinges wiil develop in these members when seismic forces exceed the design forces. 

Other structural members and components, such as connections. are designed for 

expected or greater than expected elastic forces resulting from a maximum credible 

earthquake. The design codes OHBDC and CSA do not contain any specifications 

conceniing capacity design that would specify the plastic hinge locations which require 

particular attention to structural detailing in order to accommodate the expected large 

inelastic deformation at these locations. 

3.3.2 Methods of Analysis for Design 

The uniform load method is an equivalent static load method that is a sirnplified 

procedure to determine the effects of the seismic load on the structure. In the uniform 

load method. the bndge response is assumed to be dominated by the fundamental mode of 

vibration. Studies have shown that the uniform load method yields results with good 

accuracy for regular bridges. As it is easy to apply, the unifonn load method is adopted in 

many design codes, such as the CALTRANS and the OHBDC codes. 

Another similar method of analysis is the single mode spectrum method. The main 

difference between the uniform load method and the single mode spectnim method is in 

the distribution of the lateral seismic force. In the single mode spectrum method, the 

seismic force is applied at the center of the bndge structure. The next level of 

sophistication is the multi-mode spectral analysis method, which requires more effort to 

compute multiple vibration periods and mode shapes for more complex bridge structural 



systems in their Linear range of responses excited by the design earthquakes. The CHBDC 

(1996) pemüts using inelastic analysis for critical bridges, such as time-history or static 

push-over analysis, which gives more realistic results and economical bridge designs. 

The CHBDC (1996) adopts similar design approaches as AASHTO (1993). In the 

1996 CHBDC, the significant adverse influence of very soft soi1 on the amplification of 

earthquake ground motions is included. On seisrnic performance requirements. important 

bridges classified as critical are required under ail circumstances to remain functional 

following a maximum credible eruthquake to provide emergency services. This greatly 

limits the damage level to such important bridges. In ternis of analysis requirements for 

critical bridges, the analysis procedure must be able to produce realistic predictions on the 

behaviour of the bridge during maximum credible events. 

Recent research on seismic ground motions in Canada has found that the earthquakes 

in eastem and western Canada have different characteristics on the frequency content, 

which can significantly affect structural response (Heideberecht and Lu 1987, Naumoski 

et al. 1988 and Hosni and Heideberecht 1990). Although some of these research findings 

have been incorporated in the seisrnic design provisions of the National Building Code of 

Canada since the 1985 edition, it is unclear how the frequency content and other seismic 

design parameters affect the design of highway bndges. Particularly in the 199 1 OHBDC, 

response coefficient curves are used to represent the reduction of the design force due to 

ductility in an implicit way. 



Table 3.1 Summary of Load Determination Approachcs 

Factor 

Design input 
motion 
Importance 
classification 

Seisrnic 
performance 
categorics or 
zones 
Soi1 effects 
(9 or 
foundation 
factor (F) 
Method of 
min. analysis 
requiremen ts 

Response 
coefficient 

Force 
reduction 
factor (R) 

Combination 
of direction of 
the action 

ratio (A) 

Four 
categorics: 
Catcgory A, B, 
C and D 
Included in the 
design response 
specm 

---- - - 

Equivalcnt 
static analysis 
T = 3 . 2 ~ ~ ~ 5  

Provideci by 
the design 
responsc 
sptctra cun'es 
Piers or 
Columns: 2 - 8 
Connections: 

100% (in one dir.) 
+ 30% (in perp. 
du.) 

AASHTO 1992 
ATC 1981 

Acceleration ratio (A) 

Essential IC= 1 
Other IC= II 

Four scismic 
categorics: 
Category A, B, C and 
D 
S = 1.0 Soi1 profile 1 
S = 1.3 Soil profile II 
S = 1.5 Soil profile iTi 

Single-mode & mu1 ti- 
mode 
spectrai methods 

Piers or 
Columns: 2 - 5 
Connections: 0.8 - 1 

100% (in one dir.) + 
30% (in pcrp. dir.) 

OHBDC 
1991 

Zonal velocity 

CSA - S6 CWBDC 
1988 1996 

Zonal vclocity Ratio Zonal Acctleration 
ratio (v) (v) Ratio A 
Importance Importance factor 1 .O Essential 1 
factor 1 .O or 1.3 1 or 1.3 10th ïi 1 

Critical III 
No No Four Seisrnic zones: 

Zone 1,2,3 and 4 

Included in the F = 1.0 Soi1 profde 1 S = 1.0 Soil profile 1 
design response F = 1.3 Soi1 profde JI S = 1.3 Soi1 profile il 
spectra F = 15 Soi1 profde DI S = 1.5 Soi1 profüe JII 

Equivalent static Unifonn load 
Single-mode, Mu1 ti-mode 

T = 3.2 ,lm Tirne-history 
Static push-over 

Provideci by the C = 0.62 vF, (a > v) - 1.2AS 
~ 2 1 "  design respkse 1 C = 0.42 VF. (a = v) 1 Lm = - 1 

spectra curves 1 C = 0.31 vF, (a < v) 1 -m I 
Includcd in the Incfuded in the Piers or 
design rcsponse Columns: 1.5 - 5 
spec tra Connections: I 



Figure 3.1 CALTRANS 1992 Design Spectra (c). (d) 



Figure 3.2 CALTRANS 1992 Design Spectra (a). @) 
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CHAPTER 4 COMSARATLVE STUDY OF DESIGN CODE 

PROVISIoNs 

4.1 Introduction 

This chapter presents a comparative study of the adequacy of the design spectra 

adopted in typicai bndge design codes and standards with the requirements h m  selected 

p u n d  motion records. In particular, the effects of the p u n d  motion characteristics as 

represented by the alv ratios and underlying soil deposits are stuclied. In the present study, 

the effect of soil-structure interaction is not considered because bridge structures are 

usually not heavy in weight so that the soil-structure interaction effect can be ignored. 

Although the influence of the ductile response of the bndge structure is importaut in 

seismic perfomance, it is not covered here in this study as the focus is placed on the 

significance and influence of the soil amplification effects of different soil deposits. The 

linear elastic design spectra fiom AASHTO, ATC, CHBDC and CALTRANS are 

compared to the calculated ground surface response spectra Since the design spectra in 

OHBDC and CSA already include the effect of structural ductüity, it is noted here that the 

comparison may not be entirely consistent. However, since no clear engineering 

justification has been provided in OHBDC and CSA to support the above observation, a 

comparative study will be vduable to provide useful information. 

The soil effects are evaluated for three different types of soil at three different depths. 

To compare the sensitivity of the structural response to different soil properties, one 



linear soil mode1 and two nonlinear soil models are considered. Three sets of ground 

motion records with high, intemediate and low a h  ratios are selected. The response 

spectra of bedrock ground motions are also studied, which are compared to the 

corresponding code design spectra for rock-like material. 

The computer program FLUSH (Lysmer et al. 1975) is used to generate the response 

spectra for different soil models subjected to different earthquake motions. 

4.2 Seismic Ground Motions 

Information of seismicity in Canada is presented in the seismic zoning maps of the 

NBCC (1995), as shown in Figure 4.1. In the NBCC, two seismic zoning maps are given, 

one based on the peak horizontal acceleration parameter Z, and the other based on the 

peak horizontal velocity pararneter Z.. The two seismic maps provide two independent 

ground motion reference levels with a probability of excedence of 10% in 50 years. The 

two seismic parameters Z, and &. are used to better characterize the seismic hazard at a 

site due to the differences in the ground motion characteristics from nearby and distant 

earthquakes. Furthexmore, it has been recognized that the ratio of the peak ground 

horizontal acceleration to peak ground horizontal velocity (cYiJ is an important panuneter 

to represent the charactenstics of the ground motion expected at a particular site. 

Research has shown that the cl/v ratio is a suitable parameter for quantimng the frequency 

content of the ground motions. A motion with significant high frequency content and a 

high nh> ratio is typically associated with a nez  source earthquake, whereas a motion 

more dominated by low frequency content and thus a low n/v ratio is often more 

associated with a distant source earthquake. 



As examples of seismicity in major cities in Canada. locations with expected in the 

high, intermediate and low a/v ratio categones are, respectively. Ottawa, Vancouver and 

Prince Rupert. Table 4.1 shows the seismic parameters for the three cities. It is shown in 

Table 4.1 that Ottawa has a high ah ratio (alv = 2)- which is representative of the 

seismicity in eastern Canada, whereas Vancouver has an intermediate a/v ratio (a& =1) 

and Prince Rupert has a Iow alv ratio (a/v =0.48), which are typical of the seismicity in 

western Canada. 

For each a/v ratio, a set of 4 ground motion records are selected, as shown in Table 

4.2. The acceleration time history of the ground motion records with high, intermediate 

and low a/v ratios are shown in Figures 4.2 to 4.4. 

AU the selected input ground motions are scaled to an intensity level of a peak ground 

horizontal acceleration (PHA) of 0.2 g. Al1 the response spectnim analyses are based on 

the parameter of PHA. 

4.3 Soil Models 

In the study, three different depths of the soil profile are considered: 15 m. 25 m and 

45 m. The ranges considered are related in reference to those used in OHBDC 1991, 

CHBDC 1995 and NBCC 1995. In OHBDC, the soil depths are categorized by the ranges 

of O to 3 m, 3 to 25 m, 25 to 45 m, and greater than 45 m. In CHBDC and NBCC, the 

depth of 15 m is the common dividing value used for ail different soil types. Uniform soil 

deposit is assumed for each soil case. Soil stiffness is an important parameter that can 

significantly affect the level of shaking at the ground surface as the bedrock motions 

propagate upwards through the soil depth. The shear modulus value under low strain of 



58 MPa, 120 MPa, and 168 MPa are chosen respectively as representative of soft, fum 

and stiff soils. 

Since soils behave nonlinearly under large strain during strong shaking. soil properties 

Vary during the vibration of strong shakings. The changes in the soil properties are related 

to the shear strain in different types of soils considered in the study. To compare the 

different noniinearity behaviour of soils to ground motions, three different soi1 models are 

used in this analysis, which consists of one linear soil model and two nonlinear soil 

models. A damping ratio of 5% is assumed in the linear soil mdel. For the two nonlinear 

soil modes, the shear modulus and damping properties of the soil mass Vary with the 

effective shear strain under the dynamic conditions. The relationship of the hysteretic 

damping ratio with the effective shear strain is plotted in Figure 4.5. The corresponding 

relationship for a shear modulus reduction factor with the effective shear strain is plotted 

in Figure 4.6. The nonlinear soil model 1 is determined based on data from Seed and 

Idriss (1977), and the nonlinear soil model 2 is the soil model used by Hosni and 

Heidebrecht (1994). It is observed from Figures 4.5 and 4.6, that the nonlinear soil model 

1 has a softer behaviour than that of the nonlinear soil model 2 throughout the range of 

effective shear strain of interest in the present study. Since the dynamic properties of soils 

Vary in a wide range, the two sets of data used in this study are representative of the 

behaviour lirnits for clay soils. 

4.4 Site Dynarnic Response 

The site response to the input ground motions is computed using the cornputer 

program FLUSH developed by Lysmer et al. (1 975). The program can perform dynamic 



analysis in the frequency domain to obtain the response of the soil deposit to an input 

acceleration time history. The program solves the dynamic equations of motion by linear 

interpolation. It is applicable to andyze linear visco-elastic systems. To account for the 

non-1inea.r behaviour of the soil layer, an equivalent b e a r  analysis mode1 and procedure 

have been adopted by continually updating the soil dynamic properties in the analysis 

process. The shear modulus and damping ratio of the soil deposit are updated to values 

compatible with the effective strain and vibration amplitude of the soi1 layer as the 

shaking progresses. Although the program is capable of taking into account the soil- 

structure interaction effect in two-dimensions, only free field ground motions on the 

ground surface are considered. 

4.5 Cornparison of Design Code Response Spectra 

A dynamic response analysis is camed out for each specified soil deposit subjected to 

the selected ground motions. The parameters of variations considered are the soil type, 

soil depth and nonlinear soi1 behaviour. The results of the free field motions on the 

ground surface due to input motions at the bedrock are compared to the corresponding 

response spectra for the design earthquakes having 0.2 g peak horizontal acceleration. 

The results are also compared with linear elastic design spectra from AASHTO, ATC, 

CHBDC and CALTRANS. The load factors for the earthquake load effect as specified in 

the codes and discussed in Section 3.2.6 are considermi. Since the earthquake load factor 

is equal 1 .O in a l l  of the selected code specifications for comparison here, the cornparison 

of the code design spectra and the response spectra of the selected ground motions is 



consistent on the same basis. The analysis results indicate that the soi1 deposit can greatly 

rn- the ground motions on the surface felt by the bndge superstructure. 

45.1 Cornparison of Response Spectra for Bedmck Ground Motions 

Figures 4.7 to 4.9 show the results of the elastic response spectra of the three sets of 

input ground motions at base rock. which are compared to the code design spectra for a 

rock site. For ground motions with a high a h  ratio, as shown in Figure 4.7, the results 

show that the code design spectra are consemative for bridge structures having natural 

periods greater than 0.5 S. The CALTRANS design spectrum is unconservative for bridge 

structures with short periods ( les  than 0.5 s), which implies that for stiff bridge 

structures, such as waU type piers, the CALTRANS design code may underestimate the 

actual force from near field earthquakes. The design loads specified by AASHTO. ATC 

and CHBDC are generally considered to be adequate or conservative for bndge structures 

in a short period range Iess than 0.5 S. 

For the set of input ground motions with an intermediate a/v ratio, as shown in Figure 

4.8, the results show that the code design speztra are comparable with those of the 

selected ground motions, except in the period range of 0.2 to 1.0 S. A large structural 

response is observed near the resonant pend of 0.25 s, which implies that bridge 

structures having fundamental periods in this range can be vulnerable to earthquakes of 

intermediate distance from the source field. 

For the set of input ground motions with a low d v  ratio, as  shown in Figure 4.9, it has 

been obsemed that the response to the Long Beach ground motion record is significantly 

different from that of the other three records. It appears that the bridge response is 



sensitive to some detailed characteristics of the input ground motions and the effect can 

sometimes be very significant. In general, the results in Figure 4.9 show that the code 

design spectra are comparable with those of the selected ground motions, except in the 

short period range between 0.25 to 0.5 s, periods greater than 2.5 s, and a l l  of the Long 

Beach ground motion record. A large structural response is observed near the resonant 

period of 0.3 S. 

The results clearly show that the response of the bridge structure is very sensitive to 

the fkequency content of the input ground motions. 

4.5.2 Cornparison of Response Spectra for Soii Depth of 15 M 

Figures 4.10 to 4.36 show the comparison of the elastic response spectra for the soil 

depth of 15 m. Three different soi1 types of soft, f m ,  and stiff soils are considered. Each 

is subjected to the selected three input ground motions. For each specified soil deposit 

and input ground motion. the nonlinear soil behaviour is investigated by comparing the 

response of the two different soil models to that of the Linear soi1 model. 

4.5.2.1 Compcvison of Soft Soüs 

The comparison of the elastic response spectra for soft soils with a depth of 15 m are 

shown in Figures 4.10 to 4.18. 

For the linear soil model, as shown in Figures 4.10,4.13 and 4.16, to input motions of 

different a/v ratios, similar trends are observed in their response spectra. Very significant 

responses are observed at periods near 0.3 s in ali the cases. 



Figures 4.10 to 4.12 show the response spectra of soft soils with a 15 m depth to a set 

of high d v  input ground motions. The nonlinear soil behaviour is investigated. For the 

l inw soi1 model, as shown in Figure 4.10. the results show that the responses of bridge 

structures are amplifieci significantly within the short period range between 0.1 to 0.5 S. 

The peak response at the resonant period is about 5 times higher than that specificd in the 

codes. In Figure 4.1 1. it can be observed that the nonlinear soil model 1 damps out the 

high frequency structural response and the peak response value is reduced by 

approximately 70%. The CALTRANS design spectnim is consenrative and it represents 

the envelope of the dynamic response for the selected high a/v input ground motions. The 

design loads specified by AASHTO. ATC and CHBDC are generaily consemative for 

bridge structures having periods greater than 0.75 S. but it may be unconservative for the 

penod range from 0.1 to 0.6 S. For the nonlinear soil model 2, as shown in Figure 4.12, 

the results show that design loads specified by the codes are unconservative at the p e n d  

range less than 0.7 S. 

Very high structural respunse is closely observed near the resonant period of 0.5 s 

because the natural frequency of the structure matches with the predorninant frequency of 

the site. The structural response is highly amplified near that resonant penod, so that 

bridge structures with vibration periods in this range are particularly vulnerable. Such 

type of behaviour was experienced during the 1985 Mexico earthquake where severe 

structural darnages were observed due to soil-structure resonance. 

By comparing the results obrained from the two nonlinear soil models, it can be found 

that the code design spectra are closer to what have been observed in the nonlinear soi1 



model 1 than in the nonlinear soil model 2. The results dso show that the responses of 

soi1 are very sensitive to the soil dynamic properties. The amplification potential of 

nonlinear soil model 2 is more severe than that of nonlinear soil model 1 when subjected 

to high a/v ratio earthquakes. 

Figures 4.13 to 4.15 show the response spectra of soft soils of 15 m depth to 

intermediate ah input ground motions. The influence of the soil dynamic property is 

investigated. Similar trends of behaviour in Figure 4.10 are observed for the Lin- soil 

model, as shown in Figure 4.13. Very high responses are observed near the resonant 

p e n d  of 0.3 S. The linear soil model is used for the purpose of comparing the two 

nonlinear soil models. In Figure 4.14, it can be observed again that the nonlinear soil 

model 1 darnps out the high frequency structural response so that the peak response value 

is reduced by approximately 70%. It is observed that there are more than one p e n d  

ranges between 0.2 to 1.5 s for which the spectra are significantly higher than other 

periods. The CALTRANS design spectrum is conservative at periods less than 0.8 s but 

unconservative for periods greater than 0.8 S. The design standards AASHTO, ATC and 

CHBDC are unconservative for p e n d  ranges near 0.3 s and between 1 .O to 1.5 s where 

maximum responses occur. They are conservative for long periods greater than 2 S. For 

the nonlinear soi1 model 2, as shown in Figure 4.15, soil-structure resonance is observed 

near the period of 0.5 S. 

Figures 4.16 to 4.18 show the cornparison of the response spectra of soft soi1 with 15 

m depth to a set of low a/v input ground motions. The influence of the soil dynamic 

property is similar to that observed for intermediate alv input ground motions, with the 



exception of the behaviour of the nonlinear soil model 2. As shown in Figure 4.18, there 

are more than one period ranges between 0.2 to 1.5 s for which the spectra are 

significantly greater than that of other pend ranges. It should be mentioned that the 

spectrum of the Long Beach ground motion record at long periods behaves differently 

compared to the other three records. The results show that the code design spectra are 

unconservative especially at the middle p e n d  range where maximum responses are 

observed. 

The effect of input ground motions having different alv ratios cm be observed by 

comparing the results shown in Figures 4.10 to 4.18 for high alv ground motions. The 

maximum spectral response is significantly reduced in the short penod range, whereas for 

intermediate and low a h  ratios the responses may be significantly arnplified at the period 

range of 1 .O to 1.5 S. This implies that long span bridges having long fundamental penods 

are particularly vuinerable to earthquakes with intermediate and low a h  ratios. 

4.5.2.2 Cornpurison 4 Firm Soüs 

Similar cornparison of the behaviour of fm soils of 15 m depth to different ground 

motions are shown in Figures 4.19 to 4.27. 

For the linear soil model, as shown in Figures 4.19-4.22 and 4.25, to input motions of 

different ah ratios, similar trends are observed in the response spectra as in thc case of 

soft soil. 

The response spectra of the two nodinear soii models subjected to high a/v ratio 

ground motions, as shown in Figures 4.20 and 4.2 1, are sirnilar. Soil-structure resonance 

is observed at periods near 0.5 s, but the peak value is about 50 - 60% less than that of the 



linear model. In Figure 4.20, the CALTRANS design spectmm is comparable with the 

obtained spectra except at the resonant periods between 0.4 to 0.6 S. The design spectra of 

AASHTO, ATC and CHBDC are unconservative for periods less than 0.7 S. In Figure 

4.21, it is observed that the code design spectra are unconservative for the period range 

between O. 1 to 0.6 S. 

However, there is a significant difference in the response spectra obtained from the 

two nonlinear soil models subjected to intemediate to low alv ratio ground motions, as 

shown in Figures 4.23, 4.24, 4.26, and 4.27. Soil-structure resonance is observed at 

periods near 0.3 s in the nonlinear soil mode1 2, as shown in Figures 4.22 and 4.25, but it 

is not the case for the nonlinear soil rnodel 1. For the nonlinear soi1 model 1, significant 

high spectral responses occur in the middle range of periods between 0.5 to 1.3 S. The 

CALTRANS design spectmm is unconservative at periods greater than 0.5 s, whereas 

AASHTO, ATC and CHBDC are unconservative at penods between 0.2 - 1.5 s but 

comparable for long periods greater than 1.5 S. 

4.5.2.3 Cornparison of Stiff Soi& 

The cornparison of stiff soils with a depth of 15 m are shown in Figures 4.28 to 4.36. 

In the linear soil model, similar results are observed to those of f m  soils, as shown in 

Figures 4.28-4.3 1 and 4.34. 

The nature of spectra of two nonlinear soil models to high a/v ratio ground motions. 

as shown in Figures 4.29 and 4.30, is sirnilar. A soil-structure resonance is observed at 

periods near 0.4 s for the nonlinear soil model 1, and 0.25 s for the nonlinear soil model 

2. The peak values are reduced by 50 - 60% as compared to that of the linear model. In 



Figure 4.29, the CALTRANS design spectrum is generally comparable except at near the 

resonant periods between 0.25 to 0.5 S. AASHTO, ATC and CHBDC are unconservative 

at periods less than 0.7 s where the maximum response occurred. In Figure 4.30, it is 

observed that the code design spectra are unconservative at the period range l e s  than 

0.6 S. 

There are some similarities in the response spectra of the two nonlinear soil models 

subjected to intemediate to low a/v ratio ground motions, as shown in Figures 4-32.4.33, 

4.35, and 4.36. Resonant behaviour is observed in al1 cases. The resonant p e n d  is shifted 

to a longer period at 0.6 s for the nonlinear soil model 1 as compared to that for the 

nonlinear soil model 2 which is in the range of 0.15 to 2.5 S. The behaviour of lower 

spectral values over a wider period range is observed for the nonlinear soil model 1 as 

compared to that observed for the nonlinear soil model 2. This is because soils in model 1 

are softer than those of model 2. The CALTRANS design spectrum is unconservative for 

the specified soil condition, as can be observed in Figure 4.32 in the period range between 

0.4 to 1.2 s, whereas AASHTO, ATC-6 and CHBDC are unconservative at penods 

between 0.2 - 1.5 s but comparable for long period ranges greater than 1.5 S. Similady, 

code design spectra are found to be unconservative within certain penod ranges for other 

cases, as it can be observed in Figures 4.33,4.35, and 4.36. 

4.5.2.4 Discussions 

The response of different soil types having a depth of 15 m to different sets of ground 

motions is found to be sensitive to their dynamic properties and input motions. The 

observations can be surnmarized as follows: 



1. For the linear soil model, there is no significant difference found in calculated 

response spectra for all cases. 

2. Nonlinear soi1 models d u c e  the peak response significantly as compared to that of 

the linear model. 

3. Design loads specified by the codes are found to be unconservative in some penod 

ranges, with the exception of the one shown in Figure 4.1 1 in a short pend range of less 

than 0.7 s for high a/v ratio earthquakes. and in short to moderate period ranges between 

0.2-2.0 s for intermediate to low alv ratio earthquakes. 

4. A lower peak spectral value and wider penod range that has hi& spectral response 

are found in the cases of softer soils and lower alv ratio earthquakes. A higher peak 

spectrai value and narrower p e n d  range that has high response are found in the cases of 

stiffer soils and higher a/v ratio earthquakes. 

5. Surface motions are amplified more in the short penod range in the cases of high 

a/v ratio input motions. and in short to moderate period ranges for intermediate and low 

a h  ratio earthquakes. The low a/v ratio earthquakes also cause higher response at long 

periods than that of high a/v ratio. 

6. Noniinear soil model 1 usually leads to lower responses in short to moderate penod 

ranges less than 1.5 s than those of nonlinear soil model 2. 

4.5.3 Cornparison of Response Spectra for Soil Depth of 25 m 

Figures 4.37 to 4.63 show the cornparison of the elastic response spectra for the soil 

depth of 25 m. For each specified soil deposit and input ground motion, the nonlinear soil 



behaviour is investigated by comparing the response of the two diflerent soii models to 

that of the linear soi1 modei. 

4.5.3.I Cornparison of Sofl Soüs 

Similar cornparison of soft soils with a depth of 25 m are shown in Figures 4.37 to 

4.45. Less significant spectral response is observed in the soii depth of 25 m than the 

previous case of the 15 rn soil depth. 

For the linear soil model, as shown in Figures 4.37,4.40 and 4.43, to different sets of 

a h  ratio input motions, the results show that resonant behaviour is shifted to a longer 

period near 0.5 s as compared to the case with the depth of 15 m. The results also show 

that for the specified soi1 type, the influence of input ground motions is significant as it 

can be observed from the shape of the response spectra. 

For the nonlinear soii model 1, as shown in Figure 4.38, it can be observed that the 

code design spectra are conservative. Especially, the design load specified by 

CALTRANS is conservative for bridge structures having periods less than 1.0 S. For the 

nonlinear soil model 2, as shown in Figure 4.39, the CALTRANS design spectmm is 

comparable to the observed behaviour of the specified soil. The design loads specified by 

AASHTO, ATCd and CHBDC are generally over conservative for bridge structures 

having periods greater than 0.75 S. but unconservative for shorter periods. By comparing 

the results from the two nonlinear soil models, it can be found that the CALTRANS 

design spectra satisQ the design load requirements for bridge structures constructeci on 

soi1 described by the two soi1 models and subjected to high a h  ratio earthquakes. 



For the nonlinear soil models subjected to intemediate to low a/v ratio ground 

motions, as shown in Figure 4.41, 4.42, 4.44 and 4.45, it can be observed that the 

sigdicant high spectral response m u r s  in short to long period ranges. The CALTRANS 

design spectnim is conservative for bridge structures having periods l a s  than 1.0 s and 

unconservative at periods greater than 1.0 S. The design loads specified by AASHTO. 

ATC-6 and CHBDC are conservative (nonlinear soil mode1 1 and intemediate a/v ratio 

earthquakes) at the period range less than 0.6 S. but unconservative for greater than that 

period. In the case of low a/v ratio earthquakes, however, it is over conservative at 

periods less than 1.5 s, and unconservative for the periods of greater than 1.5 S. The 

results imply that the design loads specified in the codes are unconsenrative for structures 

having a long fundamental period. Especially for low a h  ratio earthquakes, the specified 

soil deposit can ampli@ ground motions significantly in the long pend ranges. 

4.5.3.2 Cornpurison of F h  SoiLF 

Figures 4.46 to 4.54 show results of fm soils with a depth of 25 rn to different sets of 

ground motions. Sirnilar observations c m  be made in the nature of the shapes of response 

spectra as those of the 15 in depth with the same soil type. Generally, less significant 

structural response is found in this soil depth. 

For the linear soil model, as shown in Figures 4.46,4.49 and 4.52, it is found that the 

expected resonance period is shifted from ranges near 0.25 s to 0.4 S. 

For the high a/v input ground motion case, the period range where high spectra 

occumd is generally found to be lower than 1.0 S. As can be observed in Figure 4.47, for 

the nonlinear soil model 1, the CALTRANS design spectrum is conservative. For the 



nonlinear soil model 2, as shown in Figure 4.48, the period range when the design load is 

unconservative is between 0.1 to 0.7 S. The design loads specified by AASHTO, ATC-6 

and CHBDC are conservative for bridge structures having periods greater than 0.8 S. but 

unconservative for the p e n d  range between 0.15 to 0.8 S. By cornparhg the results from 

the two nonlinear soil models, it is be found that the CALTRANS design spectrum is safe 

for the soil type of nonlinear model 1 when subjected to high a h  ratio earihquakes. 

There is a significant difference in the spectral response of the two nonlinear soi1 

models when subjected to intermediate to low ah ratio ground motions, as shown in 

Figures 4.50.4.5 1.4.53, and 4.54. Soil-strucnire resonance is obsemed at penods near 0.6 

s of the noniinear soil model 2, as shown in Figures 4.51 and 4.54, but not in the case of 

the nonlinear soil model 1. For the nonlinear soil model 1, significant high spectral 

response occurs in the middle period range between 0.2 to 2.0 s, with the expectation of 

the case of the Long Beach record at periods greater than 1.5 S. The CALTRANS design 

spectrum is unconservative for periods greater than 0.9 s for the nonlinear soil model 1, 

and greater than 0.4 s for the nonlinear soil model 2. AASHTO, ATC-6 and CHBDC are 

unconservative at the middle period range between 0.3 to 1.5 s, and comparable to the 

results for long periods greater than 1.5 S. 

4.5.3.3 Cornparison of Stiff Soüs 

For the stiff soil type with a depth of 25 m, the results are shown in Figures 4.55 to 

4.63. 

General simila. observations in the shapes of calculated spectra are found in stiff soils 

with a depth of 15 m. Slight differences in the peak values of responses are found. The 



p e n d  ranges, where the high spectral response occurs, fa11 in short penods (0.7 s) for 

soils subjected the high a/v ratio earthquakes and the nonlinear soil model 1 subjected to 

other sets of earthquakes. And thcse penods fali in the short to rnidde p e n d  ranges for 

the nonlinear soil model 2 to sets of earthquakes with intermediate to low d v  ratios. 

Design loads specified by the codes are found to be unconservative within these period 

ranges. 

4.5.3.4 Discussion 

The responses of the studied soi1 types of depth 25 m are observed to be sensitive to 

their dynamic properties and input motions, which are similar to the behaviour observed 

in previous cases of shallower soil depth. The differences in the response of the two soil 

depths are sumrnarized as follows: 

1. There are differences observed in calculated response spectra. Resonance behaviour 

occurs at more than one period range of softer soils. 

2. Code design spectra are found to be conservative for a few types of soils subjected 

to high a/v ratio earthquakes, but they are unconservative for most types of soils at certain 

period ranges. 

45.4 Cornparison of Response Spectra for Soi1 Depth of 45 m 

Results form the soi1 depth of 45 m are shown in Figures 4.64 to 4.90. The same study 

case as the previous analysis is applied to this soil depth. Generally lower spectral 

responses are observed compared to the other two soi1 depths. 



4.5.4. I Compakon of Soft Su& 

The cornparison of soft soils with a depth of 45 rn to different sets of ground motions 

are shown in Figures 4.64 to 4.72. Less significant spectral response is observed in the 

soi1 d e p i  of 45 m than that of 25 m. 

To compare the linear soil model to different sets of input motions, as shown in 

Figures 4.64, 4.67 and 4.70, the results show a lower response at short periods less than 

0.5 s and a higher response at moderate periods near 1.5 s compared to that of the same 

soil with less depth. 

For the nonlinear soil model 1, as shown in Figures 4.65, 4.68 and 4.70, it cm be 

observed that the code design spectra are over conservative, except the one in Figure 4.70 

(low ah), which is unconservative at a period rimge greater than 3.0 S. For the nonlinear 

soil model 2, as shown in Figures 4.66.4.69 and 4.71, the CALTRANS design spectrum 

is comparable to this specified soil, except at middle periods between 1.0 to 2.0 s for 

interrnediate to low a/v ratio earthquakes. The design loads specified by AASHTO, ATC- 

6 and CHBDC are unconsemative for bridge structures having periods less than 2.5 s, as 

shown in Figure 4.69. But it is comparable except at middle periods between 1.0 to 2.0 S. 

as shown in Figure 4.7 1. 

The results imply that the design loads specified in the codes are consemative or 

comparable with few exceptions for soft soils at the depth of 45m. 



The response spectra of the f m  soil with a depth of 45 m to different sets of ground 

motions are shown in Figures 4.73 to 4.81. h s  significant spectral responses are 

observed in the soil depth of 45 m than both in 15 and 25 m. 

Figures 4.73.4.76 and 4.79 show calculateci spectrum curves for the linear soil model 

to different sets of a/v ratio input motions. Similar shapes of response spectra are found in 

this type of soil, where the peak spectrai response occurs at the period near 0.7 S. A lower 

peak response is observed in Figure 4.73 than in Figures 4.76 and 4.79, which is not the 

case for f m  soils with shailower soi1 depths. The results imply that for this specified soi1 

type, the variations of soil deposit depths and input ground motions are significant when 

the linear soil model is assumed. 

The significant difference in spectra of the two noniinear soil models subjected to 

different sets of ground motions is shown in Figures 4.74,4.75,4.77,4.78,4.80 and 4.81. 

A soil-structure resonance is observed at short to moderate period ranges, as shown in 

Figures 4.75, 4.78 and 4.8 1, but it is not the case for the nonlinear soil model 1. For the 

nonlinear soil model 1, the period ranges, where significant high spectra occur, are shiM 

fiom short penods to short and moderate periods, and from moderate to long periods 

corresponding to the input ground motions of high, intermediate and low a/v ratios. as 

shown in Figures 4.74. 4.77 and 4.80. For the nonlinear soil model 1, the CALTRANS 

design spectrurn is fairly conservative with the exception of the Long Beach record. And 

AASZITO, ATC-6 and CHBDC are comparable at the period range near 0.3 s, as shown 

in Figure 4.74, and between 1.5 to 3.0 s, as shown in Figure 4.77. 



4.5.4.3 Cornpiuison of Stiff SoiLr 

The stiff soils with a depth of 45 m to different sets of ground motions are shown in 

Figures 4.82 to 4.90. Sirnilarly, less significant spectral responses are observed in the soil 

depth of 45 m. 

For nonlinear soil models, the shape of the response spectnim is quite different. In 

Figure 4.83, moderate spectrai responses are observed within periods 1.5 S. The 

CALTRANS design spectrum is over conservative and AASHTO, ATC-6 and CHBDC 

are comparable. 

In Figure 4.84, high spectral responses are observed within periods 1.0 S. The 

CALTRANS design spectmm is comparable at periods within 0.9 s, except at periods 

near 0.25 s, and over conservative at periods of greater than 0.9 S. AASHTO, ATC-6 and 

CHBDC are unconservative for structures having natural periods less than 0.9 s and 

conservative for that period and greater. 

In Figure 4.86, high spectral responses are observed in the period range between 0.2 

to 2.2 S. The CALTMNS design spectrum is conservative except at periods between 1.5 

to 2.5 s and AASHTO, ATC-6 and CHBDC are unconservative except at periods less 

than 0.3 s and greater than 3.0 S. 

In Figure 4.87, peak spectral responses are observed at periods near 0.3 and 1 .O S. The 

code design spectra are unconservative for structures having natural periods less than 

1.5 s and conservative for the range greater than that period. 

In Figure 4.89, moderate spectral responses are observed over al1 the periods. The 

shape of the response spectrum of the Long Beach record is different from the other 



records, since it has a much hi& response at periods greater than 2.0 S. The CALTRANS 

design spectrum is over conservative within the p e i d  of 1.3 s and comparable at pends 

of greater than that period, except the Long Beach record. AASHTO, ATCd and 

CHBDC are unconservative except for structures having natural periods less thao 0.5 S. 

In Figure 4.90, high spectral responses are observed within periods 1.5 S. The code 

design spectra swm to be unconservative. 

The resuits imply that lower spectral responses generally occur in the case of a deeper 

soi1 depth subjected to the high a/v ratio earthquakes compared to those of shailower soil 

depths. For soils subjected to intermediate to low alv ratio earthquakes. the higher 

response cm be found in wider period ranges. 

4.5.4.4 Discussions 

The responses of soil types with a depth of 45 m appear to behave softer compared to 

the other two shallower soil depths. This may be reasonable because a deeper soil deposit 

dissipates more seismic energy. 

1. Design loads specified by the codes are found to be conservative or comparable for 

the nonlinear soil mode1 1 with a depth of 45 m as compared to the other two soil depths. 

2. The spectra with lower peak spectral values are observed in the cases of softer soils 

io lower a/v ratio earthquakes. 

4 J.5 Conclusions 

The dynarnic response analyses for different soil deposits and input ground motions 

were performed. The panuneters considered are the soil type, soil depth and nonlinearity 



of soil behaviour and input ground motion characteristics. The general conclusions are 

summarized as follows: 

1. The responses of soil deposits are very sensitive to the properties of the soil and 

charactenstics of the input ground motions, especially for softer soils. The shapes of the 

spectral response can vary significantiy. 

2. Nonlinear soil models generally reduce the peak response significantiy as compared 

to the linear model. The peak responses calculated using nonlinear soil model 1 are found 

to be lower than those from the nonlinear soil model 2. 

3. For high a/v ratio earthquakes, high spectral response generally occurs within short 

pends. For the cases of intermediate dv ratios. similar behaviour occurs in short to 

moderate period ranges and moderate to long period ranges for low a h  ratio earthquakes. 

4. For the same soil type, the case of a shallower soil depth causes a higher response 

and a deeper soil depth leads to a lower response. 

5. Design loads specified in the codes are found to be unconservative for some period 

ranges. The CALTRANS design Ioad is more comparable to the calculated spectra using 

nonlinear soil rnodel 1 than the other codes. 



Table 4.1 Seismic Parameters for the Three Cities 

Table 4.2 Selected Ground Motion Records 

City 

Ottawa 

Vancouver 

Prince Rupert 

Event Name I 

Za Z a v 

4 2 0.20 O. 10 

4 4 0.2 1 0.2 1 

3 5 0.13 0.27 

High 

0.434 1 0.255 1 1.7 1 Rock 

1 Montana 0.146 1 0.072 1 2.03 1 Rock 

1 Seguenay 1 1988 0.107 1 0.016 1 7.09 1 Rock 

1 El Centro 1 1940 0.345 1 0.334 1 1.04 1 Stiff soi1 

Intermediate 0.15 1 0.19 1 1.01 1 Rock 

0.18 1 0.205 1 0.88 1 Rock 
1 Kem County 1 1952 

Low 

Long Beach 

El Centro 

0.097 1 0.236 1 0.41 1 Rock 

0.16 1 0.209 1 0.77 1 Rock 
1 San Fernando 3 1 197 1 0.129 1 0.186 1 0.69 1 Stiff soil 

0.1 O6 1 0.17 1 0.62 1 Stiff soil 



(a) Contours ofpeak horizontal ground velocities, in unit of mls, having a probability of 
exceedance of 10% in 50 years 

(b) Contours of peak horizontal ground accelerations, in unit of g, having a probability of 
exceedance of IO% in 50 years 

Figure 4.1 Seismic Zoning Maps in NBCC (1995) 



ParMield Earthquake Record 1966 Tïme (s) 

Montana Earthauake Record 1935 fime kl  
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Nahanni Earthquake Record 1985 Time (s) 

Saguenay Earthquake Record 1988 fime (s) 

Figure 4.2 Time History of Selected Ground Motion Records with High a/v Ratios 



El Centro Earttrquake Record 1940 T i i  (s) 

San Fernando (1) Earthqwke Record 1971 Time (s) 

San Fernando (2) Earthquake Record 1971 Time (s) 

Kem County Eartttquake Record 1952 Time (s) 

Figure 4.3 Time History of Selected Ground Motion Records with Intermediate 
Ratios 
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Long Beacti Earthquake Record 1933 lime (s) 

EI Centro Earthquake Record 1934 Tirne (s) 

San Fernando (3) Earthquake Record 1971 Time (s) 
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San Fernando (4) Earthquake Record 1971 Time (s) 

Figure 4.4 Time History of Selected Ground Motion Records with Low dv Ratios 



- Soil mode1 1 

- - - - - - - Soil mode12 

0.0001 0.001 0.01 0.1 1 

Effective shear strain (%) 

Figure 4.5 Hysteretic Damping Ratio Versus the Effective Shear Strain 
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Figure 4.6 Shear modulus Reduction Factor Versus the Effective Shear Strain 
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Figure 4.7 Cornparison Of Response Spectra For High dv Earthquakes At The Bedrock 

To Code Design Response Spectra Wiîh Om Soi1 Depth 



Salg  

a = v  -El Centro (1940) 

Soi1 Depth = O m ---- San Fernando 1 (1971) 

. .----- San Fernando 2 (1971) 

- . - - - Kem County (1 952) 
- AASHTO / A T M  / CHBDC 

C A L T R A N S  

O 0.5 1 1.5 2 2-5 3 3.5 4 

Period (sec) 

Figure 4.8 Cornparison Of Response Spectra For Intexmediate a h  Earthquakes At The 

Bedrock To Code Design Response Spectra With Om Soil Depth 
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Figure 4.9 Cornparison Of Response Spectra For Low alv Earthquakes At The Bedrock 

To Code Design Response Spectra With Om Soil Depth 
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Figure 4.10 Cornparison Of Response Spectra For Linear Mode1 of Soft Soil with 15m 

Depths Subjected High a h  Earthquakes To Code Design Response Spectra 



E'O 

P'o 

L'O 



Salg 
1.6 T 

- PaMïeld (1966) 
- - - - Montana (1935) 
. - - - - - - Nahanni (1 985) 
----- Saguenay (1 988) 

- - - - AASHTO / ATCG 
- CALTRANS 
- CHBDC 

Non-linear sol1 mode1 2 

Soil Depth = 15m 

O 0.5 1 1.5 2 2.5 3 3.5 4 

Period (sec) 

Figure 4.12 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Soft Soil with 

15m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.13 Cornparison Of Response Spectra For Linear Mode1 of Soft Soil with 15m 

Depths Subjected Intemediate alv Earthquakes To Code Design Response Spectra 
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Figure 4.14 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Soft Soi1 with 

15m Depths Subjected Intermediate a h  Earthquakes To Code Design Response Spectra 
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Figure 4.15 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Soft Soi1 with 

15m Depths Subjected Intemediate alv Earthquakes To Code Design Response Spectra 
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Figure 4.16 Cornparison Of Response Spectra For Linear Mode1 of Soft Soil with 15m 

Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.17 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Soft Soi1 with 

15m Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.18 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Soft Soil with 

15m Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.19 Cornparison Of Response Specîra For Linear Mode1 of Finn Soil with 15m 

Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.20 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Firm Soil with 

15m Depths Subjected High a h  Earthquakes To Code Design Response Spectra 
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Figure 4.21 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Firm Soi1 with 

15m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.22 Comparison Of Response Specm For Linear Mode1 of Firm Soil with 15m 

Depths Subjected Intemediate ah Earthquakes To Code Design Response Spectra 
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Figure 4.23 Cornparison Of Response Spectra For Nonlinear Mode1 1 of F i  Soil with 

15m Depths Subjected Intermediate a h  Earthquakes To Code Design Response Spectra 
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Figure 4.24 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Firm Soil with 

15m Depths Subjected Intermediate a/v Eaahquakes To Code Design Response Spectra 
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Figure 4.25 Cornparison Of Response Spectra For Linear Mode1 of Firm Soi1 with 15m 

Depths Subjected Low a h  Earthquakes To Code Design Response Spectra 
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Figure 4.26 Cornparison Of Response Spectra For Nonlinear Mode1 1 of F i  Soil with 

15m Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.27 Cornparison Of Response Spectra For Nonlinear Mode12 of F i  Soil with 

15m Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.28 Cornparison Of Response Spectra For Linear Mode1 of Stiff Soil with 15m 

Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.29 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Stiff Soil with 

15m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.30 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Stiff Soil with 

15rn Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.3 1 Compatison Of Response Specû-a For Linear Mode1 of Stiff Soil with 15m 

Depths Subjected Intermediate a/v Earthquakes To Code Design Response Spectra 
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Figure 4.32 Comparison Of Response Spectra For Nonlinear Model 1 of Stiff Soil with 

15m Depths Subjected Intermediate dv Earthquakes To Code Design Response Spectra 
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Figure 4.33 Cornparison Of Response Spectra For Nonlinear Mode12 of Firm Soil with 

15m Depths Subjected Intexmediate a/v Earthquakes To Code Design Response Spectra 
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Figure 4.34 Cornparison Of Response Spectra For Linear Mode1 of Stiff Soil with 15m 

Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.35 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Stiff Soil with 

15m Depths Subjected Low alv Earthquakes To Code Design Response Spectra 
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Figure 4.36 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Stiff Soil with 

15m Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.37 Cornparison Of Response Specm For Linear Mode1 of Soft Soil with 25m 

Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.38 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Soft Soil with 

25m Depths Subjected High a h  Earthquakes To Code Design Response Spectra 
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Figure 4.39 Comparison Of Response Spectra For Nonlinear Mode1 2 of Soft Soil with 

25m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.40 Cornparison Of Response Spectra For Linear Model of Sofi Soil with 25m 

Depths Su bjected Intermediate alv Earthquakes To Code Design Response S pectra 
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Figure 4.41 Cornparison Of Response Spectra For Nonlinear Model 1 of Soft Soil with 

25m Depths Subjected Intermediate a/v Earthquakes To Code Design Response Spectra 
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Figure 4.42 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Soft Soi1 with 

25m Depths Subjected Intermediate dv Earthquakes To Code Design Response Spectra 
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Figure 4.43 Cornparison Of Response Spectra For Linear Mode1 of Soft Soil with 25m 

Depths Subjected LAW a/v Earthquakes To Code Design Response Spectra 
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Figure 4.44 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Soft Soil with 

25m Depths Subjected Low alv Earthquakes To Code Design Response Spectra 
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Figure 4.45 Cornparison Of Response Spectra For Nonlinear Mode1 2 of SoH Soi1 with 

25m Depths Subjected Low ah Earthquakes To Code Design Response Spectra 
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Figure 4.46 Cornparison Of Response Spectra For Linear Mode1 of Fixm Soi1 with 25m 

Depths Subjected High d v  Earthquakes To Code Design Response Spectra 
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Figure 4.47 Comparhon Of Response Spectra For Nonlinear Mode1 1 of Firm Soil with 

25m Depths Subjected High alv Earthquakes To Code Design Response Spectra 



S a l g  

a > v  
Non-linear sofl mode12 
Firm soi1 
Soil Depth = 25m 

- ParMield (1 966) 

- - - - Montana (1935) 
- - - - - - -  Nahanni (1985) 

- - - - - Saguenay (1 988) 
- CALTRANS 
A A S H T O  / A T M  / CHBDC 

O 0.5 1 1.5 2 2.5 3 3.5 4 

Period (sec) 

Figure 4.48 Cornparison Of Response Spectra For Nonlinear Mode1 2 of F m  Soil with 

25m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.49 Cornparison Of Response Spectm For Linear Mode1 of Firm Soil with 25m 

Depths Subjected Intemediate afv Eanhquakes To Code Design Response Spectra 
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Figure 4.50 Cornparison Of Response Spectra For Nonlinear Mode1 1 of F i  Soil with 

25m Depths Subjected Intermediate a/v Earthquakes To Code Design Response Spectra 
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Figure 4.52 Cornparison Of Response Spectra For Linear Mode1 of Firm Soil with 25m 

Depths Subjected Low a/v Earthquakes To Code Design Response Specm 
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Figure 4.53 Cornparison Of Response Spectra For Nonlinear Mode1 1 of F i  Soi1 with 

25m Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.54 Cornparison Of Response Specîra For Nonlinear Mode1 2 of F i  Soil with 

25m Depths Subjected Low a h  Earthquakes To Code Design Response Spectra 
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Figure 4.55 Cornparison Of Response Spectra For Linear Mode1 of Stiff Soil with 25m 

Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.56 Cornparison Of Response Spectra For Nonlinear Model 1 of Stiff Soil with 

25m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.57 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Stiff Soi1 with 

25m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.58 Cornparison Of Response Spectra For Linear Model of Stiff Soil with 25rn 

Depths Su bjected Intermediate a h  Earthquakes To Code Design Response S pectra 
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Figure 4.59 Cornparison Of Response Spectm For Nonlinear Mode1 1 of Stiff Soil with 

25m Depths Su bjected Intermediate a/v Earthquakes To Code Design Response S pectra 
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Figure 4.60 Cornparison Of Response Spectta For Nonlinear Mode1 2 of F i  Soil with 

25m Depths Subjected Intemediate ah  Earthquakes To Code Design Response Spectra 
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Figure 4.64 Cornparison Of Response Spectra For Linear Mode1 of Sofi Soil with 45m 

Depths Subjected High a h  Earthquakes To Code Design Response Spectra 



Salg 
0.9 r 

- - - - Montana (1935) 

. . . - . - - Nahanni (1985) 

- - - . - Saguenay (1 988) - - - - AASHTO 1 A T M  
C H B D C  
- CALTRANS 

\Y----- ----. 
O 0.5 1 1.5 2 2.5 3 3.5 4 

Period (sec) 

Figure 4.65 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Soft Soi1 with 

45m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.66 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Soft Soi1 with 

45x11 Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.69 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Soft Soi1 with . 
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Figure 4.71 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Soft Soil with 
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Figure 4.72 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Soft Soil with 

45m Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.73 Cornparison Of Response Spectra For Linear Mode1 of Firm Soi1 with 45m 
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Figure 4.74 Cornparison Of Response Spectra For Nonlinear Mode1 1 of F i  Soi1 with 
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Figure 4.75 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Firm Soil with 

45m Depths Subjected High a/v Earthquakes To Code Design Response Spectra 
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Figure 4.76 Cornparison Of Response Spectra For Linear Mode1 of F i  Soi1 with 45m 

Depths Subjected Intemediate alv Earthquakes To Code Design Response Spectra 
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Figure 4.77 Cornparison Of Response Spectra For Nonlinear Mode1 1 of F i  Soil with 
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Figure 4.80 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Firm Soi1 with 

45m Depths Subjected Low a/v Earthquakes To Code Design Response Spectra 
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Figure 4.82 Cornparison Of Response Spectra For Linear Mode1 of Stiff Soil with 45m 
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Figure 4.83 Cornparison Of Response Spectra For Nonlinear Mode1 1 of Stiff Soi1 with 
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Figure 4.84 Cornparison Of Response Spectra For Nonlinear Mode1 2 of Stiff Soi1 with 
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CHAPTER 5 SUMMARY AND CONCLUSIONS 

5.1 Summary and Conclusions 

In this study, some important aspects of the earthquake resistant design for highway 

bridges and the code design procedures commonly used in North Arnerica are reviewed. 

The seismic resistant design concept, design philosophy and the ment  advances and 

technology in earthquake engineering as implied in the current seismic design codes are 

discussed. A conceptual comparison of the design objectives and design approaches of 

some of the commonly used codes and standards in the U.S. and Canada for the 

earthquake resistant design of bridges are presented. The effects of local soil deposits 

subjected to different input ground motions are investigated. The fiee field surface 

response spectra are generated by considering three different soil types, soft, fim, and 

stiff, with three depths, 15 m, 25 m and 45 rn, as well as bedrock response spectra. For 

each specified soil type, three sets of input ground motions with high, intermediate and - 

low ah ratios and three different soil models (one linear and two nonlinear models) are 

used. Thus, a total of 84 sets of response spectra are obtained, which are compared with 

the design spectra in the AASHTO, ATC-6 and CALTRANS. The main conclusions are 

surnmarized as follows: 

1. The surface ground motion is greatly affected by the properties of the soil deposit 

and the characteristics of the input ground motions. In view of this observation, which bas 

been confirmed in the present study, the selection of appropriate design earthquakes is 



particularly important for bridges constnicied on sites identified with high amplification 

2. Local soil amplification effects are sensitive to the type and depth of soi1 deposits 

as weIl as to the dynamic properties of the soils. In general, the spectral responses 

obtained by using nonlinear soil models are considerably lower than those obtained for 

the linear soil model. For a specified soil type. the shape of the response spectra 

calculated by using diserent nonlinear soil models can be quite different. Consequently, it 

is important to obtain reliable soi1 property data for accurate calibration of the soil model 

used for design. 

3. By comparing the calculated elastic response spectra of each soi1 case with the 

design load spectra specified in the current seismic design codes, it is found that the 

design loads specified by the codes are unconservative under a wide range of 

circumstance and period ranges. The CALTRANS design spectxum shows a better 

agreement in general than AASHTO, ATC and CHBDC. 

5.2 Recommendations for Further Work 

In order to continue studies on the subject of the earthquake resistant design for 

highway bridges, there are some important fields dong this direction that deserve hirther 

studies, such as: 

1. Further study on nonlinear behaviour of the bridge structure system and evaluation 

of the response reduction factor R are required. This study of site response effects is 

based on elastic structural response, which is considered to be adequate for design of 

bridge joints and connections. 



2. The infiuence of underlying soil deposits on the ductile behaviour of bridge 

structure needs to be hirther investigated. 

3. A unifom layer of soil deposits is assumed in this study, and this may not be 

adequate. Further studies on the effects of more complex geometric characteristics of 

local soils are needed, since the surface ground motion has been found to be very 

sensitive to the soi1 properties. 

4. The adequacy of the seisrnic design codes for different types of highway bridges 

should be investigated. 
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